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Abstract 


This  volume  describes  all  phases  of  the 
structures  of  Project  3.2  for  which  the  Bureau 
of  Yards  and  Docks,  the  sponsoring  agent  of  the 
project,  was  responsible.  All  phases  of  the 
project  work  reported  herein  were  accom¬ 
plished  by  personnel  of  the  Bureau  of  Yards  and 
Docks,  Navy  Department,  and  officers  of  the 
Civil  Engineer  Corps,  U.  S.  Navy. 

The  objectives  of  the  test  were  (1)  to  observe 
the  physical  behavior  or  response  of  a  struc¬ 
ture  under  blast  loading,  (2)  to  obtain  funda¬ 
mental  data  from  structures  subjected  to  blast 
loading,  and  (3)  to  determine  the  relative  merit 
of  various  structural  types. 

The  types  of  structures  tested  are  those 
which  have  been  developed  through  previous 
testing  and  through  trends  in  Bureau  policy  in 
protective  construction. 

Since  protective  construction  is  a  problem 
common  to  civil  as  well  as  military  installa¬ 
tions,  practical  methods  of  design  and  analysis 
for  blast  loadings  must  be  developed  for  use  by 
structural  engineers.  The  method  of  design  and 
analysis  used  in  Project  3.2  was  developed  for 
practical  use  by  A.  Amirikian,  Consultant  on 
Special  Structures  for  the  Bureau.  The  com¬ 
plete  postshot  analysis  for  two  of  the  most  im¬ 
portant  structures  may  be  found  in  Chap.  7.  The 
remaining  structures  will  be  analyzed  as  time 
permits. 

Test  results  and  analysis  to  date  have,  in 
general,  corroborated  the  pretest  concept  of 
structural  behavior. 

During  the  construction  phase,  the  Project 
Officer  was  represented  at  the  site.  The  field 
representative,  LTJG  D.  G.  Iselin,  CEC,  USN, 
was  assigned  certain  responsibilities  which  are 
included  in  the  Program  Director’s  Report,  An¬ 
nex  3.0. 

The  structures  were  instrumented  in  order 
to  provide  accurate  transient  data.  In  addition, 
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a  thorough  system  of  physical  measurements 
was  used  to  obtain  and  record  the  changes  in 
the  structures  and  the  structural  elements.  Still 
photography  was  used  extensively.  The  meas¬ 
urements  data  were  evaluated,  and  a  history  of 
response  is  presented.  This  history  was  ob¬ 
tained  from  studies  of  the  data  and  of  the  final 
positions  of  members  which  failed.  Methods  of 
failure  were  also  determined  from  a  study  of 
the  physical  survey  data. 

The  following  brief  conclusions  are  based 
upon  the  Project  3.2  results: 

1.  Enough  fundamental  data  were  obtained  to 
reanalyze  the  structures  tested  and  to  correct 
structural  weaknesses. 

2.  The  method  of  analysis  is  accurate  to 
within  ±25  per  cent  in  predicting  structural  re¬ 
sponse. 

3.  The  loading  assumptions  were  generally 
good  except  for  the  roofs,  which  had  higher 
pressures  than  expected. 

4.  Shaped  structures  were  superior  to  rec¬ 
tangular  structures. 

5.  Standard  Navy  heavy  bombproof  structures 

with  connection  modifications  can  withstand  an 
atomic  burst  at  the  edge  of  the  fireball,  for 
weapons  of  this  yield  (46.7  let).  I 

6.  Earth  cover  has  a  beneficial  effect  on  the 
response  of  structures  subjected  to  blast. 

Further  full-scale  tests  on  similar  structural 
types  are  recommended  in  order  to  test  modi¬ 
fied  structures.  The  collection  of  data  on  the 
yield  strengths  of  materials  should  be  acceler¬ 
ated.  Quantitative  information  is  required  con¬ 
cerning  the  effects  of  earth  cover  on  structures 
subjected  to  blast.  Much  additional  information 
on  loading  of  structures  of  varying  shapes, 
sizes,  and  orientation  should  be  obtained  from 
scale- model  tests  and  shock-tube  tests. 
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Chapter  1 

Discussion 


1  1  INTRODUCTION 

1.1.1  Protective  Construction 

One  of  the  responsibilities  of  the  Bureau  of 
Yards  and  Docks  is  to  provide  protective-con¬ 
struction  designs  for  the  Naval  Shore  Establish¬ 
ment.  The  field  of  protective  construction  cov¬ 
ers  personnel  shelters  and  other  structures  de¬ 
signed  for  maximum  resistance  to  the  effects  of 
enemy  weapons.  It  is  necessary  to  provide  pro¬ 
tection  for  vital  facilities,  such  as  power  plants 
and  certain  naval  industrial  establishments. 
Further,  in  considering  protection  from  con¬ 
ventional  weapons,  many  functions  of  a  naval 
establishment  are  placed  in  a  low-risk  category 
because  of  the  high  order  of  duplication  within 
or  near  the  establishment.  When  an  atomic  at¬ 
tack  is  considered,  however,  stand-by  or  dupli¬ 
cate  facilities  may  also  be  in  the  damage  area. 

It  is  necessary,  therefore,  to  strengthen  nearly 
all  structures  if  feasible  and  to  provide  blast- 
resistant  features  in  new  structures  in  order  to 
ensure  a  minimum  amount  of  work  and  time  in 
rehabilitating  the  establishment. 

It  is  readily  apparent  that  there  is  a  limit  to 
the  protection  which  can  be  provided.  Cost, 
availability  of  materials,  and  labor  must  be 
measured  against  the  importance  of  the  facility 
to  be  protected.  It  is  necessary,  of  course,  to 
design  some  structures  which  will  provide  near¬ 
absolute  protection.  Such  structures  must  be 
safe  against  the  impact  and  blast  of  conven¬ 
tional  weapons.  They  must  also  be  safe  under 
the  blast  load  imposed  by  an  air  or  surface 
burst  from  a  nuclear  explosion.  Because  of  the 
lack  of  information  on  the  close-in  pressures  of 
a  surface  burst,  the  test  structures  designed  for 
maximum  protection  in  this  test  were  designed 
for  conventional-weapon  loading. 


1.1.2  Structural  Analysis  for  Dynamic  Loading 

In  conventional  structural  design,  loadings 
are  either  static  or  dynamic,  with  dynamic 
loads  usually  converted  empirically  to  static  in 
a  manner  similar  to  the  handling  of  wind  load. 

In  special  designs,  there  are  exceptions  to  this 
practice;  however,  in  general,  very  few  struc¬ 
tural  designers  have  attempted  to  design  struc¬ 
tures  for  dynamic  loads.  Since  blast  imposes  a 
dynamic  load  on  structures,  most  designs  should 
include  an  analysis  for  this  type  of  loading.  At 
the  present  time,  a  dynamic  analysis  is  a  tedi¬ 
ous  time-consuming  task  requiring  special 
techniques  and  knowledge.  A  method  of  analysis 
must  be  developed  which  follows  conventional 
design  methods  and  which  is  relatively  fast. 

1.2  OBJECTIVES 

The  general  objectives  of  the  project  were  (1) 
to  test  under  blast  loading  standard  and  new 
structural  types  for  use  as  protective  structures 
in  the  Naval  Shore  Establishment  and  (2)  to  de¬ 
velop  a  practical  method  for  the  design  and 
analysis  of  standard  and  new  structural  types 
when  those  types  are  subjected  to  a  dynamic 
loading. 

The  first  general  objective  was  accomplished 
by  testing  selected  standard  structures  and  the 
latest  designs  of  new  structural  types.  The  lat¬ 
ter  objective  will  be  accomplished  by  anal^feing 
all  structures  by  a  method  developed  by  A. 
Amirikian  of  the  Bureau.  The  pre-  and  post¬ 
shot  analyses  are  included  in  this  report.  The 
complete  postshot  analysis,  however,  will  be 
completed  at  a  later  date,  and  an  addendum  to 
the  final  report  will  be  written  at  that  time  in¬ 
corporating  the  final  conclusions. 
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Each  structure  of  the  Navy  Project  was 
placed  in  the  program  with  a  specific  technical 
objective.  These  objectives  are  listed  in  Chap.  3. 

1.3  PRESENT  KNOWLEDGE 

The  design  and  analysis  of  the  structures  of 
the  Navy  Project  were  made  by  A.  Amirikian, 
Consultant  on  Special  Structures  for  the  Bureau, 
and  his  staff. 

Since  the  basic  design  of  each  structure  was 
made  using  standard  wind  and  snow  loadings  and 
standard  methods,  the  knowledge  and  experience 
of  the  designing  engineers  comprised  the  neces¬ 
sary  background.  Present  specific  technical 
knowledge  is  demonstrated  in  later  sections  of 
this  report  where  design  criteria  and  methods 
are  discussed.  The  development  of  the  method 
of  analysis  and  of  certain  design  features  was 
based  on  several  research  and  experimental 
projects  sponsored  by  this  Bureau  and  on  ex¬ 
tensive  work  accomplished  by  the  Office  of  the 
Chief  of  Engineers,  U.  S.  Army,  the  David  Tay¬ 
lor  Model  Basin,  the  National  Bureau  of  Stand¬ 
ards,  and  other  agencies  with  similar  interests. 

1.3.1  Concrete  Tests 

Just  prior  to  World  War  II,  an  extensive  mas¬ 
sive-concrete  testing  program  was  carried  out 
at  the  Naval  Proving  Ground,  Dahlgren,  Va.1 
The  tests  resulted  in  the  standard  Navy  design 
for  massive-concrete  protective  structures. 

The  tests,  in  general,  advanced  knowledge  m 
reinforcing- steel  requirements,  proved  theories 
of  this  type  of  design,  and  provided  data  for  ad¬ 
vanced  theories  in  design.  One  of  the  structures 
in  the  project  covered  by  this  report  was  de¬ 
signed  by  the  standards  which  resulted  from 
these  tests. 

1.3.2  Precast -concrete  Construction 

The  Bureau  has  had  considerable  experience 
in  the  use  of  precast-concrete  elements  in  con¬ 
struction.  The  techniques  used  in  the  fabrica¬ 
tion  of  the  structures  have  been  used  success¬ 


fully  in  standard  building  types,  such  as  the 
Mechanicsburg,  Pa.,  Supply  Depot  warehouses.2 

A  project  in  construction  using  precast  and 
prestressed  concrete  at  College  Point,  N.  Y.,  in 
1944  provided  the  Bureau  with  further  informa¬ 
tion  in  this  field. 

1.3.3  Operation  Sandstone 

In  Operation  Sandstone,  the  Bureau  tested  a 
large  number  of  precast-concrete  shapes  of 
varying  outside  dimensions,  wall  thicknesses, 
and  geometric  shapes.2  The  test  procedures 
used  in  Sandstone  did  not  provide  results  which 
could  be  subjected  to  a  strict  analysis.  How¬ 
ever,  an  evaluation  had  been  made  of  the  dam¬ 
age  and  movement  of  the  cubes,  which  was  of 
considerable  value  in  the'design  of  the  precast 
elements  of  the  Greenhouse  structures,  and  in 
the  anchorage  required  to  prevent  movement. 

1.3.4  Precast  Cellular  Construction 

Subsequent  to  Operation  Sandstone,  a  precast 
cellular  type  structure  had  been  tested  against 
conventional  armor-piercing  (A.P.)  projectiles 
at  Dahlgren.4  Scaled  roof  slabs  were  con¬ 
structed  and  subjected  to  penetrating  projectiles. 
The  projectiles  were  then  withdrawn  from  the 
slab,  and  a  charge  was  placed  in  the  crater  and 
exploded  to  simulate  an  explosive  projectile. 

The  tests  were  satisfactory,  and  the  results 
served  as  a  basis  of  design  for  one  of  the  struc¬ 
tures  included  in  this  project. 
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Chapter 

Structural  Behavior  Under  Blast 


2.1  INTRODUCTION 

This  section  is  based  on  a  method  of  analysis 
developed  for  Project  3.2  by  Amiriklan.1 

Unlike  structural  behavior  anticipated  and  ob¬ 
tained  in  conventional  design,  the  extent  of  dam¬ 
age  due  to  weapons  loading  in  protective  con¬ 
struction  cannot  be  fully  or  clearly  determined. 
In  conventional  work  a  structure  is  designed  to 
sustain  a  given  condition  of  loading  within  limits 
of  elastic  strain.  Except  for  rare  instances  the 
intensity  of  a  loading  sustained  by  a  building 
during  its  service  life  is  not  appreciably  sur¬ 
passed  by  that  contemplated  in  the  original  de¬ 
sign.  In  contrast,  there  is  no  control  of  the 
loading  which  may  be  imposed  on  a  protective 
structure.  There  is  no  assurance,  except  that 
given  by  the  laws  of  probability,  that  the  condi¬ 
tion  and  the  severity  of  loading  as  assumed  will 
prevail.  Consequently  the  extent  of  damage  may 
be  far  beyond  the  range  conceived  in  design.  As 
a  practical  corollary  it  may  be  necessary  to  as¬ 
sume  that  a  building  will  suffer  maximum  dam¬ 
age  which,  in  turn,  may  be  taken  as  a  condition 
short  of  collapse  of  local  or  individual  members 
of  framing. 

In  this  report  the  analysis  of  the  strength  of  a 
structure  under  atomic  blast  is  predicated  on 
this  concept  of  structural  behavior.  It  may  be 
considered  as  a  limit  design  where  use  is  made 
locally  of  the  full  dynamic  resistance  of  mem¬ 
bers  under  relatively  large  plastic  deformations. 
However,  such  local  overstresses,  or  even  s^me 
failures,  may  not  necessarily  mean  a  serious 
impairment  of  over-all  structural  adequacy  of  a 
building,  since  in  most  cases,  by  proper  ar¬ 
rangement  of  framing,  it  will  still  be  possible  to 
retain  the  needed  strength  and  stability  of  the 
structure  as  a  whole. 


2.2  LOADING  CONDITIONS 
2.2.1  Atomic  Blast 

A  great  deal  of  information  has  recently  be¬ 
come  available  regarding  the  nature  and  effects 
of  an  atomic  explosion.2  The  destructive  effects 
of  the  fission  are  caused  by  the  shock  wave  and 
the  thermal  and  nuclear  radiations  associated 
with  the  phenomenon.  From  the  point  of  view  of 
structural  adequacy,  resistance  to  the  shock 
wave  constitutes  the  primary  problem  in  protec¬ 
tive  construction. 

A  shock  wave  is  essentially  a  pressure  wave 
with  almost  zero  time  of  rise,  initiated  by  the 
energy  released  during  an  explosion.  It  is  char¬ 
acterized  by  a  shock  front  where  the  intensity  of 
pressure  rises  sharply  in  the  positive  direction, 
reaches  a  peak,  then  falls  off  and  reaches  a 
negative  peak  pressure  with  subsequent  gradual 
return  to  atmospheric  pressure.  The  intensities 
of  the  pressures  decrease  while  their  durations 
increase  with  the  propagation  of  the  shock  wave. 
Similarly,  the  velocity  of  the  shock  front  de¬ 
creases  from  an  indeterminate  maximum  near 
the  center  of  the  explosion  to  the  velocity  of 
sound  at  a  distance  of  about  10,000  ft.  For  de¬ 
sign  purposes,  in  the  distance  range  of  2000  to 
10,000  ft  from  the  center  of  explosion,  the  veloc¬ 
ity  of  the  shock  wave  was  considered  as  con¬ 
stant  and  equal  to  1400  ft/sec.  The  peak  pres¬ 
sures  in  this  range  utilized  for  the  analysis  of 
the  test  structures  are  given  in  Chap.  3;  the 
durations  of  the  positive  phase  are  given  in 
Fig.  2.1. 

In  the  analysis,  the  investigation  was  confined 
to  the  positive  phase  of  the  shock  wave.  Since 
the  pressures  in  the  negative  phase  are  rela¬ 
tively  small,  no  investigation  for  this  period  is 


ffltCLASSIFltD 


UNCLASSIFIED 


L. 


required  for  the  type  structures  included  in  the  2.3  ANALYSIS  OF  RESPONSE 
Navy  test,  i.e.,  those  with  a  relatively  high 

natural  frequency.  Having  established  the  loading  conditions,  it 

is  possible  to  analyze  the  response.  The  de- 


2.2.2  Blast  Pressures  on  a  Structure 

When  a  shock  wave  encounters  an  obstruction 
in  its  path,  such  as  a  structure,  the  pressure 
pattern  is  disturbed.  The  extent  of  the  disturb¬ 
ances  will  vary  at  the  various  faces  of  the  struc¬ 
ture  in  accordance  with  the  angularity  and  orien¬ 
tation  of  the  element  or  the  created  interference. 
Owing  to  the  many  variables  involved,  the  dis¬ 
turbance  is  a  complex  phenomenon  for  which 
complete  information  is  not  yet  available.  At 
present  one  of  the  most  convenient  and  practical 
methods  of  studying  the  disturbances  caused  by 
obstacles  in  the  path  of  a  blast  wave  is  by  means 
of  shock  tubes.  A  number  of  investigations  in 
this  field  have  been  made,  of  which  those  at 
Princeton  University  constitute  a  valuable 
source  of  information.3  The  pressure-time 
relations  shown  in  Figs.  2.2  to  2.4  are  based 
primarily  on  these  data.  In  this  connection,  the 
following  points  are  to  be  noted:  All  pressures 
represent  an  average  condition  over  each  face 
of  the  structure.  As  shown  in  Fig.  2.2,  a  factor 
of  2  was  applied  to  peak  pressure,  p0,  in  order 
to  obtain  the  maximum  reflected  pressure  on  the 
front  wall.  This  corresponds4  to  an  angle  of  in¬ 
cidence  of  0°.  The  stagnation  pressure  at  the 
end  of  the  period  t,  was  taken  as  equal  to  p0.  In 
order  to  simplify  the  analysis,  the  variations  in 
pressure  in  both  time  intervals  t,  and  t2  were  as¬ 
sumed  to  be  linear.  This  assumption  was  also 
made  for  the  pressures  shown  in  Figs.  2.3  and 
2.4.  The  initial  pressure  at  any  transverse  sec¬ 
tion  of  the  roof  was  taken  as  p0,  dropping  to  a 
value  of  %  p0  in  the  time  required  for  the  vortex 
to  reach  that  section  (Fig.  2.3).  On  the  basis  of 
shock-tube  studies,  the  vortex  velocity  was  as¬ 
sumed  to  be  constant  and  equal  to  one-seventh 
the  shock  velocity.  An  initial  pressure  of  %  p0 
was  used  (Fig.  2.4). 


tailed  procedure  of  analysis  is  given  in  Appendix 
B.  In  general,  the  analysis  depends  on  Newton’s 
second  law  which  expresses  the  relation  be¬ 
tween  applied  force,  mass,  and  acceleration. 

The  forcing  function  is  the  difference  between 
applied  load  and  structural  resistance.  Linear 
load  variations  are  used  as  explained  previously. 
By  assuming  certain  conditions  of  deformation, 
the  resistance  can  also  be  expressed  as  a  linear 
function,  dependent  on  deflection.  Resistance  is 
a  discontinuous  function,  however,  and  it  must  be 
expressed  by  equations  corresponding  to  elastic, 
elastic-plastic,  and  plastic  conditions  of  deforma¬ 
tion.  It  is  necessary  to  solve  for  the  conditions 
existing  at  the  points  of  discontinuity  in  order  to 
proceed  into  the  next  mode  of  deformation.  The 
elastic  deformation  of  an  element  with  a  high 
natural  frequency  can  be  obtained  directly  by 
solving  a  single  differential  equation  of  motion. 

By  relating  the  motion  of  all  points  on  an  ele¬ 
ment  to  a  single  point,  usually  the  point  of  maxi¬ 
mum  deflection,  it  is  possible  to  determine  the 
motion  of  all  points.  It  is  not  considered  neces¬ 
sary  to  lump  masses  to  solve  for  motion. 
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Fig.  2.1  Assumed  Duration  of  Positive  Phase  of  Shock  Wave 
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Fig.  2.3  Assumed  Pressure-Time  Relation  for  Roof  of  Structure 
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Chapter  3 

Test  Structures 


3.1  GENERAL 

In  general,  the  test  structures  included  in  this 
program,  with  the  exception  of  Structures  3.2.1a 
and  b,  were  designed  in  accordance  with  conven¬ 
tional  design  criteria  and  loading  conditions  nor¬ 
mally  utilized  for  naval  shore  structures.  The 
live  loads  used  in  the  basic  designs  were  a  roof 
load  of  40  psf  and  loads  produced  by  winds  of  70 
mph  velocity.  Covered  structures  had  an  addi¬ 
tional  roof  load  corresponding  to  the  weight  of 
the  earth  cover. 

Each  design  was  then  reviewed  to  ascertain 
its  resistance  to  atomic  blast  and  to  determine 
the  distance  at  which  the  structure  was  to  be 
placed  from  ground  zero.  The  determination  of 
strength  was  made  on  the  assumptions  of  struc¬ 
tural  behavior  in  both  elastic  and  plastic  ranges 
of  stress.  Except  as  indicated  hereafter,  mod¬ 
erate  damage  was  anticipated  in  each  case.  The 
review  indicated  the  necessity  of  changing  cer¬ 
tain  details  of  the  original  design  from  normal 
practice  in  order  that  the  elements  of  framing 
might  more  fully  participate  in  resisting  blast. 
These  changes  were,  for  the  most  part,  confined 
to  strengthening  the  connections  between  fram¬ 
ing  elements  and  making  the  reinforcement  con¬ 
tinuous  in  certain  members. 

In  all  cases,  except  for  Structures  3.2.1a  and 
b,  the  strength  of  an  element  or  one  of  its  parts 
rather  than  the  main  framing  was  the  determin¬ 
ing  factor  in  the  ability  of  the  structure  to  resist 
the  shock  loading.  For  example,  the  end  walls  of 
Structure  3.2.7a  were  capable  of  resisting  much 
larger  loads  than  could  be  carried  to  them  by 
the  front  wall  and  roof.  As  a  criterion  of  dam¬ 
age,  the  deflection  at  the  center  of  an  element 
was  limited  to  about  one-tenth  its  span. 

The  basic  data  used  in  analyzing  the  behavior 
of  the  test  structures  under  blast  load  are  given 


in  Chap.  2  and  Appendix  B.  Owing  to  space  limi¬ 
tations,  certain  details  of  analysis  and  design 
applicable  to  the  various  test  structures  have 
been  omitted.  The  specific  data  and  procedures 
used  in  the  analysis,  the  assumptions  made  as  to 
pressure  distributions  and  structural  behavior, 
and  the  expected  damages  resulting  from  the 
test  are  described  in  Appendix  C.  The  design 
plans  and  specifications  are  included  in  Appen¬ 
dix  D. 


3 . 2  DESCRIPTION  OF  STRUCT  URES 

3.2.1  Structure  3.2.1a  (Figs.  3.1,  3.2,  and  D.l) 

Structure  3.2.1a,  a  conventional  bomb-resist- 
ant  structure  located  250  ft  from  ground  zero  at 
an  unknown  pressure,  was  a  test  of  the  ability  of 
a  massive  above-ground  concrete  roof  at  the 
fringe  of  the  fireball  to  resist  the  heat  and  blast 
of  an  atomic  explosion.  Command  centers  now 
in  existence  and  other  similar  structures  may 
require  protection  when  underground  construc¬ 
tion  may  not  be  practicable.  This  was  an  op¬ 
portunity  to  determine  above-ground  feasibility 
of  protective  construction. 


3.2.2  Structure  3.2.1b  (Figs.  3.1,  3.3,  and  D.2  to 
D.4) 

Structure  3.2.1b  was  a  novel  cellular  roofed 
structure  located  250  ft  from  ground  zero  at  an 
unknown  pressure;  it  was  recently  successfully 
tested  against  penetrating  explosive  bombs  at 
Dahlgren,  and  it  was  desired  to  test  its  strength 
against  the  atomic  bomb  at  Greenhouse.  It  is 
considered  to  be  cheaper  than  massive-concrete 
structures,  much  quicker  to  construct,  and  mini¬ 
mal  in  logistic  requirements. 
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Fig.  3.1  Relation  of  Structures  3.2.1a  and  b  to  Shot  Tower 
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Fig.  3.3  Structure  3.2.1b 
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3.2.3  Structure  3.2.2a  (Figs.  3.4,  D.5,  and  D.6) 

Structure  3.2.2a  was  a  one-story  rectangular 
building  composed  of  precast -concrete  rigid 
frames  and  ribbed  panels;  it  was  located  3630  ft 
from  ground  zero  at  a  predicted  pressure  of 

11.6  psi.  It  was  desired  to  test  a  new  type  of 
structure  which  would  increase  the  construction 
and  protection  potential  of  the  Department  of 
Defense  as  well  as  industry.  The  techniques 
used  in  this  structure  are  similar  to  those  em¬ 
ployed  in  the  Mechanicsburg  warehouses.  The 
structure  is  designed  stronger  than  normal  one- 
story  structures  and  is  capable  of  being  rein¬ 
forced  to  almost  any  desired  extent. 

3.2.4  Structure  3.2.2b  (Figs.  3.5,  D.7,  and  D.8) 

Structure  3.2.2b  was  a  one- story  conventional 
brick  building  covered  with  precast -concrete 
ribbed  panels;  it  was  located  3630  ft  from  ground 
zero  at  a  predicted  pressure  of  11.6  psi.  It  was 
desired  to  test  a  proposed  method  of  protecting 
the  lower  stories  of  a  multistoried  structure. 

The  precast  panels  used  in  this  structure  were 
of  the  same  type  as  those  used  in  Structure 
3.2.2a. 

3.2.5  Structure  3.2.3a  (Figs.  3.6  and  D.9  to  D.12) 

Structure  3.2.3a  was  a  rectangular  building  of 
cellular  (matchbox)  framing;  it  was  located  2400 
ft  from  ground  zero  at  a  predicted  pressure  of 

26.7  psi.  The  objective  was  to  test  the  cellular 
principle  utilized  in  Structure  3.2.1b  for  struc¬ 
tures  providing  a  lesser  degree  of  protection. 
Structure  3.2.3a  is  the  newest  development  in 
the  field  of  precast  cellular  structures.  The 
basic  design  is  the  provision  of  a  grid  frame¬ 
work  of  exceptionally  strong  steel  trusses  to 
withstand  the  blast  load  on  the  structure.  This 
truss  grid  is  welded  to  form  a  continuous  light 
steel  framework  which  will  act  as  a  unit  rather 
than  independently  as  in  conventional  construc¬ 
tion.  The  wall  integrity  is  maintained  by  the  use 
of  small  concrete  blocks  whose  thin  reinforced 
walls  act  as  strong  diaphragms. 

3.2.6  Structure  3.2.3b  (Figs.  3.6  and  D.9  to  D.12) 

Structure  3.2.3b  and  3.2.3a  were  identical; 
however.  Structure  3.2.3b  was  located  2640  ft 
from  ground  zero  at  a  predicted  pressure  of 
22.0  psi. 


3.2.7  Structure  3.2.4a  (Figs.  3.7,  D.13,  and  D.  14) 

Structure  3.2.4a  was  a  precast-concrete  mag¬ 
azine  of  rigid  frame  panels  with  earth  cover;  it 
was  located  2760  ft  from  ground  zero  at  a  pre¬ 
dicted  pressure  of  20.0  psi.  The  objective  was 
to  test  a  magazine  structure  fabricated  from 
precast-concrete  elements.  The  design  main¬ 
tains  the  logistic  standards  of  the  arch  design, 
but  at  the  same  time  a  vertical  side  wall  is  used 
to  promote  greater  use  of  floor  space.  It  was  an¬ 
ticipated  that  this  structure,  with  an  earth  cover, 
could  be  used  as  a  shelter  at  the  nearer  inter¬ 
mediate  distances. 

3.2.8  Structure  3.2.4b  (Figs.  3.8  and  D.15) 

Structure  3.2.4b  was  like  3.2.4a  in  construc¬ 
tion,  except  that  it  had  no  earth  cover  or  wing 
walls;  it  was  located  3510  ft  from  ground  zero  at 
a  predicted  pressure  of  12.5  psi.  Half  the  fram¬ 
ing  panels  were  constructed  “skin  out”  as  a 
comparison. 

3.2.9  Structure  3.2.5  (Figs.  3.9  and  D.16) 

Structure  3.2.5  was  a  precast-concrete  maga¬ 
zine  of  cylindrical  shell  panels;  it  was  located 
3510  ft  from  ground  zero  at  a  predicted  pres¬ 
sure  of  12.5  psi.  The  objective  was  to  test  a 
precast-concrete  arch,  the  most  desirable 
shape  for  design  and  analysis  as  well  as  for 
future  model  tests.  This  structure  was  devel¬ 
oped  in  the  study  of  reduced  use  of  critical  ma¬ 
terials  and  the  search  for  adequate  personnel 
shelter  design.  The  shape  of  the  structure  is 
desirable  from  the  standpoint  of  reduction  of 
reflection  factors  and  in  the  inherent  structural 
resistance. 

3.2.10  Structure  3.2.6  (Figs.  3.10,  D.17,  and 
D.18) 

Structure  3.2.6  was  a  dome-shaped  precast- 
concrete  magazine  or  shelter;  It  was  located 
3240  ft  from  ground  zero  at  a  predicted  pres¬ 
sure  of  14.5  psi.  The  objective  was  to  test  a 
shape  common  to  Navy  magazines  and  a  design 
with  the  advantages  of  less  material  used,  short 
construction  time,  and  optimum  stress  condi¬ 
tions  by  virtue  of  shape.  When  covered,  the 
structure  could  be  made  suitable  for  use  as  a 
personnel  shelter  at  the  nearer  intermediate 
distances. 


Fig.  3.4  Structure  3.2.2a 


Fig.  3.5  Structure  3.2.2b 


Fig.  3.8  Structure  3.2.4b 


Fig.  3.9  Structure  3.2.5 
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Fig.  3  .10  Structure  3.2.6  (Prior  to  Placement  of  Earth  Cover) 


3.2.11  Structure  3.2.7a  (Figs.  3.11  and  D.19) 

Structure  3.2.7a  was  a  reinforced-concrete 
rectangular  building  of  conventional  construction; 
it  was  located  3540  ft  from  ground  zero  at  a 
predicted  pressure  of  12.2  psi.  The  objective 
was  to  test  a  conventional  structure  as  a  com¬ 
parison  with  the  precast  structures  which  have 
identical  presentment.  This  structure  provides 
the  opportunity  to  compare  the  strength  of  nor¬ 
mal  construction  with  the  strength  of  the  pre¬ 
cast  structures  which  require  considerably  less 
material  in  their  fabrication. 

3.2.12  Structure  3.2.7b  (Figs.  3.11  and  D.19) 

Structure  3.2.7b  was  similar  to  3.2.7a  but  wa«i 
located  6950  ft  from  ground  zero  at  a  predicted 
pressure  of  3.9  psi. 


3.3  BASIS  FOR  SELECTION  OF  DISTANCE 
FROM  GROUND  ZERO 

It  has  been  pointed  out  that  the  design  loadings 
utilized  were  those  which  are  used  in  conven¬ 


tional  design  for  the  Naval  Shore  Establishment. 
The  designs  were  then  analyzed  to  determine 
the  blast  loading  to  which  the  structure  could  be 
subjected.  Changes  were  made  in  the  design  to 
provide  a  balance  in  the  resistance  of  the  parts 
of  the  structure  to  the  loads,  and  a  loading  was 
chosen  to  which  the  structure  could  be  subjected 
without  appreciable  damage.  A  range  at  which 
the  building  could  be  placed  was  then  taken  from 
pressure-vs-distance  curves  provided  by  C.  W. 
Lampson,  Ballistic  Research  Laboratories, 
Aberdeen  Proving  Ground.  Exceptions  to  this 
general  procedure  for  the  Navy  project  are  as 
follows: 

1.  Structures  3.2.1a  and  3.2.1b  were  placed 
as  near  as  possible  to  ground  zero  in  order  to 
subject  them  to  extreme  heat  and  blast.  As 
noted  in  the  preceding  section,  no  analysis  was 
made  of  these  structures  for  the  dynamic 
loading. 

2.  Structure  3.2.3a  is  identical  to  3.2.3b  which 
was  placed  at  the  range  of  moderate  damage. 
Structure  3.2.3a  was  placed  nearer  to  determine 
the  extent  of  damage  at  that  range  and  to  pro¬ 
vide  a  more  complete  evaluation  of  the  methods 
of  design  and  analysis. 
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Chapter  4 

Construction 


4.1  GENERAL 

The  construction  of  the  structures  was  ac¬ 
complished  by  the  AEC,  through  the  Santa  Fe 
Office.  The  Holmes  and  Narver  Construction 
Company  (H&N)  of  Los  Angeles  was  the  con¬ 
tractor. 

It  will  be  noted  that,  except  for  Structures 
3.2.1a,  3.2.7a,  and  3.2.7b,  all  the  structures 
were  fabricated  for  the  most  part  from  pre- 
cast-concrete  elements.  The  precast  work  was 
subcontracted  by  H&N  to  Barrett  and  Hilp  of 
San  Francisco.  Considering  the  type  of  units 
and  the  long  shipping  distances  involved,  the 
precast  panels  arrived  at  the  site  in  excellent 
condition. 

The  field  representative  of  the  Navy  Struc¬ 
tures  Project  at  the  Greenhouse  site  was  LTJG 
D.  G.  Iselin,  CEC,  USN.  This  chapter  is  based 
upon  his  report.1  The  responsibilities  of  field 
representatives  during  the  construction  phase 
are  presented  in  the  report  of  the  Director, 
Program  3. 

The  first  excavation  was  commenced  in  May 
1950,  and  the  last  structure  was  completed, 
except  for  instrumentation,  in  November  1950. 

4.2  FOUNDATION  CONDITIONS 

This  section  deals  with  the  general  foundation 
conditions  common  to  the  job  site. 

The  first  5  or  6  ft  of  soil  on  Engebi  is  me¬ 
dium  sand  in  a  dry  or  slightly  moist  state. 
Ground-water  level  averages  about  6  or  7  ft 
below  undisturbed  ground  surface,  and  this 
water  table  fluctuates  slightly  with  the  tide.  In 
certain  areas  a  thin  ledge  of  coral  rock  or 
cemented  coral  conglomerate  underlies  the  top 
6  ft  of  sand.  This  ledge  varies  in  thickness 


from  about  6  in.  to  6  ft,  depending  on  the  spe¬ 
cific  location.  In  some  places  there  are  several 
thin  ledges  of  rock  interspersed  with  sand.  Be¬ 
low  this  coral  ledge,  or  below  the  upper  6  ft  of 
sand  in  areas  where  there  is  no  rock,  the  strata 
to  a  depth  of  25  ft  are  composed  of  varying 
layers  of  submerged  sand  and  gravel  in  a  state 
of  medium  compaction.  Soil  tests  conducted  by 
Dames  and  Moore  of  Los  Angeles  give  more 
detailed  information  concerning  the  soil  con¬ 
ditions  in  three  different  parts  of  the  site  to  a 
depth  of  50  ft. 

The  reports  of  soil  Investigations  made  at 
the  site  are  collected  in  separate  reports  (see 
Bibliography)  and  in  Appendix  F  (Soil  Test 
Data)  to  this  report  which  has  been  given  refer¬ 
ence  library  distribution.  These  reports  in¬ 
clude  bearing  tests,  probings,  and  core  borings. 
The  personnel  employed  In  making  most  of 
these  tests  were  relatively  inexperienced; 
therefore  some  latitude  must  be  allowed  in 
Interpreting  the  various  results.  Taken  as  a 
whole,  however,  the  test  results  provide  a 
fair  analysis  of  the  foundation  conditions  prev¬ 
alent  at  the  site. 


4.3  CONSTRUCTION  MATERIALS 

This  section  deals  with  the  various  materials 
that  are  a  part  of  the  Navy  structures.  Among 
these  materials  are  concrete,  structural  steel, 
reinforcing  steel,  anchor  bolts,  assembly  hard¬ 
ware,  brick,  and  lumber. 

4.3.1  Concrete 

(a)  Coarse  Aggregate.  The  coarse  aggregate 
used  in  all  concrete  prior  to  Aug.  23,  1950,  was 
“bank-run"  coral.  The  source  of  this  aggregate 
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unclassified 


was  a  large  coral-gravel  pit  with  quarried  ma¬ 
terial  ranging  in  size  from  V4  to  6  in.  This 
stone  was  then  crushed  to  s/«-in.  aggregate, 
without  washing,  and  used  in  the  concrete.  The 
aggregate  from  this  source  was  highly  porous, 
relatively  weak,  and  very  inconsistent  in 
strength.  Concrete  made  with  the  crushed  bank 
run  did  not  attain  consistent  strengths  of  over 
2500  psi,  and  in  some  cases  the  strength 
reached  only  2000  psi  in  28  days.  This  aggre¬ 
gate  in  the  early  part  of  August  was  covered 
with  a  slick  film  of  dust  and  fine  sand,  thus 
preventing  good  bond  in  the  concrete  mix.  Con¬ 
sequently  the  service  representatives  took  up 
this  condition  with  the  AEC  resident  engineer 
and  the  contractor.  The  problem  was  resolved 
by  quarrying  hard  reef  coral,  crushing  it  to  the 
desired  gradation,  and  washing.  This  new  ag¬ 
gregate  proved  to  be  satisfactory  in  all  re¬ 
spects  and  was  used  for  the  remainder  of  the 
concrete  (Fig.  4.1). 

(b)  Fine  Aggregate.  Beach  sand  taken  from 
Engebi  and  Muzinbaarikku  was  used  as  the  fine 
aggregate.  However,  this  sand  contained  so 
many  large  pieces  of  coral  that  20  per  cent  was 
retained  on  a  No.  4  sieve.  In  order  to  reduce 
the  content  of  rock  in  the  fine  aggregate,  a  1-in. 
scalper  screen  was  installed  in  the  sand  hopper 
on  Aug.  15,  1950.  All  large  pieces  of  coral 
were  removed,  and  less  than  10  per  cent  of  the 
sand  was  retained  on  a  No.  4  sieve.  The  beach 
sand  did  not  possess  enough  fines  to  keep  the 
concrete  from  bleeding;  however,  a  source  of 
fine  sand  was  located  near  Rojoa,  and  this  sand 
was  transported  to  Engebi  for  use  In  conjunc¬ 
tion  with  regular  beach  sand.  This  procedure 
was  used  for  all  concrete  placed  after  Sept.  2, 
1950,  and  resulted  in  a  workable  mix  with  little 
bleeding. 

(c)  Cement.  At  no  time  during  the  progress 
of  the  structures  program  was  the  cement 
stored  in  a  dry  weather -tight  building.  Some 
cement  was  stored  in  buildings  that  had  large 
exposures  to  the  atmosphere  and  leaky  roofs, 
but  most  of  it  was  stored  outside  under  canvas 
for  periods  of  3  to  5  months.  The  very  high 
relative  humidity,  coupled  with  frequent  rains, 
caused  the  cement  to  become  lumpy  and  subject 
to  deterioration.  On  Aug.  1,  1950,  a  %-in. 
screen  was  installed  at  the  batch  plant,  and  all 
cement  was  passed  through  this  screen  before 
being  weighed.  In  early  November  of  1950  the 
lumpiness  became  excessive,  and  deterioration 


of  the  cement  was  evident.  This  condition  was 
brought  to  the  attention  of  the  AEC  resident 
engineer,  who  required  that  the  contractor 
screen  all  cement  through  a  No.  16  shaker 
screen  and  that  daily  tests  be  made  of  the 
cement  before  its  use  was  permitted.  It  is 
probable  that  many  of  the  variations  noted  in 
the  concrete-cylinder  tests  were  due  to  the 
condition  of  the  cement. 

(d)  Mixing  Water.  Slightly  brackish  water 
obtained  from  a  well  dug  on  Engebi  was  used 
as  mixing  water.  Average  saline  content  was 
less  than  5  per  cent  of  that  of  sea  water,  and 
salt  could  never  be  tasted  In  the  water. 

(e)  Batching.  All  Ingredients  were  accurately 
weighed  before  mixing,  except  for  the  cement 
used  prior  to  August  1,  which  was  measured  by 
the  sack. 

(f)  Mixing.  Mixing  was  accomplished  in  a 
Ransome  34E  1-yd  dual-drum  paver  type  mixer 
with  a  calibrated  water-control  tank  (Fig.  4.2). 

(g)  Transporting.  Most  of  the  concrete  was 
transported  to  the  pouring  site  from  the  mixer 
in  Dumper ete  trucks  with  no  agitation.  Some 
small  amount  of  segregation  occurred  during 
transporting,  but,  since  the  elapsed  time  from 
mixing  to  placement  rarely  exceeded  5  min,  the 
segregation  was  not  detrimental.  In  cases 
where  the  concrete  was  not  placed  within  about 
10  min  after  mixing,  segregation  became  so 
excessive  that  the  batch  had  to  be  wasted. 

Transportation  to  Muzinbaarikku  for  concrete 
placement  in  Structure  3.2.7b  was  accomplished 
in  Jaeger  3-cu  yd  Transit-mix  trucks.  Concrete 
was  mixed  in  the  paver  and  agitated  during 
transportation  in  the  transit-mix  trucks.  This 
method  of  transporting  concrete  was  highly 
successful  (Fig.  4.3). 

(h)  Grout  Concrete.  Beach  sand  and  cement 
were  used  to  make  grout  concrete  from  the 
commencement  of  the  job  until  Oct.  20,  1950. 
After  October  20,  crusher  screenings  were 
used  for  aggregate  and  gave  higher  strengths 
of  concrete.  These  screenings  were  the  fine 
particles  washed  out  of  the  crushed  reef  coral 
and  were  suitable  for  grout. 

4.3.2  Structural  Steel 

Box  trusses  for  the  foundation  of  Structure 
3.2.1b  and  the  T1  carrying  trusses  were  fabri¬ 
cated  by  Nigg  Engineering  Corporation.  They 
arrived  in  good  condition  and  were  placed  with 
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little  difficulty  (Fig.  4.4).  The  field-placed 
trusses  for  Structures  3.2.3a  and  3.2.3b,  fabri¬ 
cated  by  Soule  Steel  Co.,  arrived  in  good  con¬ 
dition  and  were  also  placed  with  little  difficulty. 


finished  commercial  steel.  All  exposed  por¬ 
tions  of  these  bolts,  nuts,  and  washers  were 
given  a  coat  of  red-lead  paint  Washers  were 
cast  iron,  but  steel  would  have  been  preferable. 


Fig.  4.4  Steel  Box  Trusses  and  Reinforcing  Steel  In  Place 


4.3.3  Reinforcing  Steel 

All  reinforcing  steel  used  in  the  Navy  struc¬ 
tures  was  intermediate-grade  deformed  bars. 
Most  steel  had  a  light  coat  of  rust  when  con¬ 
crete  was  placed.  In  cases  where  the  rust  was 
heavy  or  scaly,  the  steel  was  sandblasted  just 
prior  to  the  placement  of  concrete.  Bends  and 
hooks  were  made  on  a  bar -bending  machine. 
Reinforcing  steel  was  supported  on  concrete 
blocks  in  the  footings  and  on  steel  chairs  in  the 
superstructure. 


Welding  plates  were  structural-grade  steel, 
and  all  were  painted  after  welding.  Steel  doors 
and  closure  plates  were  structural  steel  and 
were  painted. 

4.3.6  Brick 

Hard-burned  clay  brick  2%  by  3%  by  8  in. 
were  used,  laid  up  in  common  bond  with  a 
through  header  course  at  every  sixth  course. 
Joints  were  about  %  in.  thick,  and  mortar  was 
composed  of  1  part  Portland  cement,  1  part 
hydrated  lime,  and  4%  parts  screened  beach 
sand. 


4.3.4  Anchor  Bolts 


4.3.7  Lumber  and  Formwork 

Forms  used  for  foundations  were  of  1-ln. 
stock,  with  2-  by  4 -in.  strength  members. 
Forms  for  concrete  superstructures  were  of 
Vf  or  */«-in.  plywood,  with  standard  waters  and 
form  bolts.  Plywood  forms  were  reused,  and 
some  sags  in  the  concrete  were  evident,  al¬ 
though  not  detrimentaL  All  forms  were  oiled 
before  use,  but  in  some  cases  the  concrete 
adhered  tightly  to  the  forms,  resulting  in  a 
rough  surface. 


All  anchor  bolts  were  set  according  to  con¬ 
struction  drawing  dimensions  by  use  of  field- 
fabricated  wood  templates.  A  %t- in.  tolerance 
in  any  direction  was  maintained  in  setting  the 
anchor  bolts,  and  special  precautions  were 
taken  to  maintain  the  anchor  bolts  in  position 
during  the  placement  of  concrete. 


4.3.5  Assembly  Hardware 

The  bolts,  nuts,  and  washers  for  assembling 
and  fastening  the  precast  structures  were  un- 
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Joists  for  Structure  3.2.2b  were  of  select 
structural  Douglas  fir. 

Sheathing  for  the  roof  of  Structure  3.2.2b  was 
straightedged  1-  by  6-ln.  No.  2  common  Douglas 
fir. 

4.4  CONSTRUCTION  METHODS 

This  section  outlines  the  procedures  em¬ 
ployed  in  placing  concrete,  setting  anchor  bolts, 
and  erecting  precast  structures. 

4.4.1  Placement  of  Concrete 

Placement  of  concrete  was  accomplished  by 
use  of  a  mobile  crane  and  a  1-cu  yd  inverted- 
cone  bucket  with  spring-loaded  pouring  doors. 
When  necessary  to  reduce  the  free  fall  of  con¬ 
crete,  a  hopper  and  fabric  elephant  trunk  were 
hung  below  the  pouring  bucket.  Vibration  of 
concrete  was  accomplished  with  gasoline- 
driven  internal  vibrators.  For  small-footing 
pours,  chutes  on  the  concrete  truck  were  used 
for  placement  Instead  of  a  pouring  bucket.  The 
sequence  of  placement  in  the  various  structures 
may  be  found  in  the  construction  report. 

4.4.2  Setting  of  Anchor  Bolts 

Wood  templates  placed  at  or  above  concrete 
grade  were  employed  to  hold  anchor  bolts  in 
position.  These  templates  were  usually  4  by 
4  in.  running  parallel  with  the  forms  and  se¬ 
cured  to  the  forms  with  1-  by  6-in.  cross 
strips.  Templates  for  Structure  3.2.6  were 
separate  sections  for  each  sector  of  the  footing 
and  were  trussed  to  vertical  2-  by  4-in.  struts 
fastened  to  the  outside  forms.  As  soon  as  the 


concrete  was  rough-troweled,  these  templates 
for  Structure  3.2.6  were  removed,  and  a  finish 
troweling  was  applied.  On  the  rest  of  the 
structures,  the  templates  were  left  in  place  for 
several  days.  In  some  cases,  the  pouring 
operation  caused  the  templates  to  deflect 
slightly  downward,  resulting  in  somewhat 
irregular  concrete  surfaces  at  these  points. 

4.4.3  Erection  of  Precast  Structures 

With  the  exception  of  Structure  3.2.6,  all 
precast  panels  in  contact  with  the  building 
foundation  were  placed  in  a  bed  of  fresh  sand- 
cement  grout  varying  in  thickness  from  %  to 
1  in.  Both  the  surface  of  the  footing  and  the 
base  of  each  panel  were  sprayed  with  a  water¬ 
proof  membrane  to  prevent  loss  of  moisture 
from  the  fresh  grout.  The  sequence  and  method 
of  placing  precast  panels  for  the  various  struc¬ 
tures  may  be  found  in  the  construction  report. 

4.5  CONSTRUCTION  PROBLEMS 

All  the  problems  encountered  during  the  con¬ 
struction  phase  were  resolved  satisfactorily  on 
the  site,  and  no  significant  effect  upon  the  test 
results  was  caused  by  the  problems.  A  com¬ 
plete  discussion  of  the  construction  problems 
and  other  minor  difficulties  is  given  in  the 
construction  report. 
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Chapter  5 

m 

Methods  of  Obtaining  Experimental  Data 


5.1  OBJECTIVE 

The  objective  of  the  measurement  program 
was  to  obtain  data  to  assist  in  determining  the 
validity  of  the  assumptions  made  in  the  design 
and  analysis  and  in  furthering  the  understanding 
of  structural  response  under  blast  loading. 


5.2  REQUIRED  DATA 

5.2.1  Loading 

One  of  the  most  important  measurements 
required  was  the  pressure-vs-time  relation  on 
each  structure.  Data  on  the  loading  of  the 
structure  with  respect  to  time  were  mandatory 
in  order  to  evaluate  effectively  the  methods  of 
analysis  and  the  history  of  structural  response. 

The  predicted  maximum  pressures  were  de¬ 
termined  from  pressure -vs -distance  curves 
provided  by  C.  W.  Lampson.  Factors  were 
applied,  as  described  in  Appendix  C,  to  those 
locations  where  reflection  or  reduction  of  the 
peak  overpressure  would  occur. 

5.2.2  Response 

In  analyzing  the  structures  for  a  dynamic 
loading,  theoretical  transient  and  limiting  de¬ 
formations  and  accelerations  were  determined. 
In  order  to  evaluate  the  method  of  analysis  and 
to  determine  limit  resistance,  it  was  necessary 
to  collect  considerable  data  on  the  structural 
response. 

(a)  Complete  Structure.  In  the  analysis  each 
structure  was  checked  for  sliding  and  for  over¬ 
turning.  Therefore  data  were  required  to  de¬ 
termine  the  translation  and  rotation  of  the 
structure  as  a  whole. 


(b)  Structural  Elements.  In  order  to  obtain 
data  regarding  the  response  of  each  building,  it 
was  necessary  to  determine  the  action  of  the 
structure  frame  and  the  component  members 
as  well.  Since  some  of  the  structures  embraced 
new  designs  using  precast  panels  with  inte¬ 
grated  framing  elements,  information  was  re¬ 
quired  as  to  the  movement  of  each  of  a  series 
of  panels  in  a  given  structure. 

5.3  METHODS 

Two  basic  methods  were  employed  to  obtain 
the  desired  data.  One  method  consisted  in  a 
detailed  survey  to  determine  the  exact  space 
location  of  several  points  on  every  panel  or 
element  of  each  structure,  both  before  and  after 
the  shot.  By  calculating  the  changes  in  the  lo¬ 
cation  of  these  points,  the  permanent  deforma¬ 
tions  of  all  members  were  obtained.  This  pro¬ 
gram  was  carried  out  by  the  personnel  of  the 
Navy  Structures  Project. 

The  second  method  consisted  in  using  spe¬ 
cially  designed  instruments  installed  in  various 
locations  in  each  structure  to  measure  the 
transient  values  of  pressure,  displacement,  and 
acceleration  for  selected  elements  during  the 
blast  loading.  In  addition,  it  was  considered 
that  in  the  event  of  complete  collapse  of  a 
structural  member  these  transient  measure¬ 
ments  would  provide  the  best  and  sometimes 
the  only  method  of  determining  the  action  of  the 
member  prior  to  failure.  This  phase  of  the 
measurement  program  was  carried  out  by 
Project  3.4. 

5,3.1  Measurement  of  Permanent  Changes 

A  preshot  survey  of  the  structures  was  con¬ 
ducted  in  order  to  check  the  accuracy  of  con- 
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struction  and  the  exact  physical  conditions  of 
the  structure  and  all  component  members  be¬ 
fore  the  shot.  The  space  location  of  the  struc¬ 
tures  was  determined  by  H&N,  and  the  location 
of  each  panel  within  the  structure  was  meas¬ 
ured  in  a  three -coordinate  system  by  the  Navy 
project  personnel.  Accuracy  of  measurements 
was  ±0.01  ft.  A  similar  survey  was  conducted 
after  the  shot  to  determine  what  changes  had 
taken  place. 

(a)  Complete  Structure.  Several  points  on 
the  foundation  of  each  structure  were  selected 
by  Project  Officer  3.2,  surveyed,  and  tied  into 
the  island  coordinate  system.  After  the  shot 
these  points  were  surveyed  again,  and  com¬ 
parison  of  the  results  of  the  two  surveys  pro¬ 
vided  a  measurement  of  the  change  in  location 
of  the  structure  as  a  whole.  One  or  two  other 
points  were  also  chosen  on  each  structure  to 
serve  as  checks  on  the  response  movements 
which  were  determined  by  separate  means. 

(b)  Structural  Elements.  All  panels  of  the 
shaped  structures  were  located  in  a  three- 
coordinate  system  whose  base  planes  were  lo¬ 
cated  relative  to  the  survey  points.  The  fol¬ 
lowing  planes  were  chosen  as  the  basis  for 
measurements  in  most  structures. 

1.  Vertical  measurements:  horizontal  plane 
through  the  top  of  a  nearby  bench  mark  es¬ 
tablished  for  the  structure  under  consideration. 

2.  Longitudinal  measurements:  vertical 
plane  through  the  inside  face  of  the  right-end 
foundation. 

3.  Transverse  measurements:  vertical  plane 
through  the  inside  face  of  the  front  foundation. 

In  the  case  of  the  dome,  polar  coordinates 
were  used  in  a  horizontal  plane. 

Four  or  more  points  on  each  panel  in  the 
shaped  structures  were  located  in  the  three- 
coordinate  system.  The  difference  between  the 
pre-  and  postshot  measurements  gave  the  sig¬ 
nificant  deflection  picture  in  three  dimensions. 

Points  were  selected  which  appeared  to  have 
the  best  chance  of  surviving  the  blast.  The 
number  of  points  per  panel  were  chosen  by  a 
study  of  the  design  and  a  prediction  of  where 
and  how  deformation  would  take  place.  After 
the  points  were  selected,  they  were  projected  to 
the  floor  by  a  plumb  bob,  as  shown  in  Fig.  S.l. 
These  were  then  measured  in  the  x  and  y  direc¬ 
tions  (Fig.  5.2)  and  recorded.  Vertical  locations 
at  each  point  were  established  by  a  survey 


Fig.  5.1  Projecting  a  Point  Selected  at  the  Fold 
to  the  Floor  Using  a  Plumb  Bob 


level  and  rod.  All  {mints  selected,  including 
those  projected  to  the  floor,  were  marked  with 
either  keel  or  paint.  After  the  shot  all  points 
still  existing  were  remeasured  and  recorded. 

The  walls  of  all  rectangular  buildings  and  the 
end  walls  of  the  shaped  buildings  were  checked 
in  the  vertical  plane  both  before  and  after  the 
shot,  as  follows:  Each  wall  panel  in  the  paneled 
structures  was  checked  for  plumb,  and  the 
eighth  points  along  each  wall  of  the  poured-in- 
place  structures  were  checked  for  plumb.  To 
accomplish  this,  a  special  level  was  made 
which  increased  the  accuracy  of  measurements 
on  the  10-ft-high  walls.  A  standard  30-in. 
carpenter’s  level  was  attached  to  an  8-ft  strip 
of  plywood.  Wood  screws  through  wood  blocks 
attached  to  the  board  at  each  end  of  the  level 
provided  a  vernier  for  setting  the  level.  Accu¬ 
racy  of  the  level  was  within  VM  in.  in  8  ft. 

Figure  5.3  demonstrates  the  use  of  the  leveL 

The  sag  in  the  roof  was  determined,  both  be¬ 
fore  and  after  the  shot,  by  measuring  deflec¬ 
tions  at  quarter  points  along  both  edges  of  each 
panel  or  at  eighth  {joints  on  the  poured-in-place 


Fig.  S.2  Procedure  of  Measuring  Coordinates  in  a 
Horizontal  Plane 

roofs.  The  level  board  was  used  for  these 
measurements. 

In  each  of  the  shaped  structures,  a  horizontal 
line  was  established  at  each  joint  between 
panels.  The  lines  were  established  using  one 
instrument  level  setting;  therefore  they  were 
all  in  the  same  horizontal  plane.  Vertical  dis¬ 
placement  of  the  wall  panels  was  easily  deter¬ 
mined  in  the  postshot  measurements  by  check¬ 
ing  with  a  single  setup  of  the  level,  and  dis¬ 
placement  of  one  panel  relative  to  the  adjacent 
ones  was  determined  rapidly  by  eye. 

A  short  length  of  masking  tape  was  placed 
over  intersections  of  panels  in  the  shaped 
structures.  The  direction  of  relative  movement 
of  a  panel  could  be  rapidly  determined  by 
checking  the  distortion  of  the  tape. 

Three  of  the  shaped  structures  had  bolts  or 
steel  loops  cast  in  the  panels  to  be  used  as 
lifting  pads.  The  bolts  were  approximately  at 
third  points.  Diagonal  measurements  between 
these  bolts  before  and  after  the  shot  gave  a 
rapid  measure  of  the  shape  change  of  each 
panel. 


Fig.  5.3 


Procedure  of  Checking  Plumb  of  an  End 
Wall 


5.3.2  Selected  Transient  Measurements 

It  was  determined  early  in  the  planning  for 
Operation  Greenhouse  that  the  Sandia  Corpora¬ 
tion  would  develop  the  methods  for  obtaining 
transient  measurements,  including  pressure 
measurements.  The  report  of  methods  used  is 
therefore  Included  in  the  Sandia  Corporation 
Instrumentation  Group,  Project  3.4,  report. 

The  measurements  required  were  submitted  by 
the  Navy  Structures  Project.  These  require¬ 
ments  were  reviewed  by  a  panel  of  Sandia  Cor¬ 
poration  consultants.  The  Navy  proposal  was 
modified  by  the  panel  to  include  a  larger  num¬ 
ber  of  instruments.  Upon  further  study,  certain 
instruments  were  eliminated  in  order  to  reduce 
recorder  requirements.  The  final  Instrumenta¬ 
tion  program  for  the  Navy  project  provided  an 
opportunity  to  acquire  a  substantial  amount  of 
data  for  the  analysis. 

(a)  Measurements  Required.  Displacement 
measurements  were  required  with  respect  to 
time  to  determine  the  accuracy  of  the  method 
of  analysis.  Also,  since  acceleration  is  one  of 
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the  quantities  which  are  determined  in  the 
analysis,  experimental  data  on  this  variable 
were  required.  With  acceleration  and  mass 
known,  it  is  possible  to  compute  the  forces  im¬ 
posed  on  the  element  to  check  the  loading  data. 
The  Project  3.4  report  describes  in  detail  the 
instruments  used. 

(b)  Determination  of  Instrument  Ranges.  A 
summary  of  the  maximum  readings  expected  at 
the  various  instrument  locations  was  submitted 
by  the  Navy  project  personnel.  Maximum  de¬ 
flection  and  acceleration  at  instrument  loca¬ 
tions  were  products  of  the  analysis.  One  of  the 
criteria  in  the  analysis  was  that  no  member 
should  be  displaced  a  distance  of  more  than 
one-tenth  the  span  length  of  the  member.  On 
this  basis  the  displacements  at  the  various 
instrument  locations  were  determined.  The 
maximum  acceleration  was  also  determined 
during  this  stage  of  the  analysis.  The  deter¬ 
mination  of  these  quantities  is  explained  in 
Appendix  C. 

5.3.3  Photography 

Photographs  were  taken  by  personnel  of  the 
Los  Alamos  Photographic  Laboratory,  using  a 
4-  by  5-in.  Speed  Graphic  camera  with  black- 
and-white  film.  Photograph  Identification  forms 
were  prepared  in  triplicate  by  the  field  repre¬ 
sentative;  the  original  was  sent  to  the  develop¬ 
ing  laboratory,  one  copy  was  sent  to  the  project 
officer,  and  one  copy  was  retained  by  the  field 
representative.  All  developing  and  printing  of 
photographs  was  done  by  personnel  assigned  to 
the  Photographic  Project. 

The  photographic  record  for  the  Navy  project 
consists  of  three  phases:  construction  photo¬ 
graphs,  preshot  photographs,  and  postshot 
photographs. 


(a)  Construction  Photographs.  An  over -all 
photograph  was  taken  after  completion  of  each 
major  stage  of  construction  at  each  structure. 
Detailed  photographs  were  made  of  elements  of 
the  structure  where  particular  problems  were 
encountered  and  where  deviations  were  made 
from  the  specifications.  Additional  photographs 
were  made  in  cases  where  new  or  unusual 
techniques  were  employed,  especially  in  regard 
to  the  erection  of  precast-concrete  sections. 
Finally,  a  general  photograph  was  taken  of  each 
completed  structure. 

(b)  Preshot  Photographs.  A  complete  preshot 
pictorial  record  of  the  visual  condition  of  each 
structure  was  obtained  by  taking  a  series  of 
related  photographs  at  each  location.  Seven  ex¬ 
terior  photographs  were  taken  of  each  struc¬ 
ture  — two  each  of  the  front  and  rear  walls,  one 
of  each  end  wall,  and  one  of  the  roof.  Interior 
photographs  were  taken  of  typical  sections  of 
each  structure.  In  addition,  detail  views  were 
taken  of  those  portions  of  a  structure,  such  as 
connections  and  beams,  that  were  considered  to 
offer  good  possibilities  for  photographic  com¬ 
parison  with  postshot  results. 

(c)  Post  shot  Photographs.  A  complete  post¬ 
shot  photographic  coverage  of  all  portions  of 
each  structure  was  obtained  by  use  of  a  series 
of  related  photographs  similar  to  those  taken 
on  the  preshot  survey.  Wherever  possible, 
photographs  were  taken  from  the  same  angle  as 
used  in  the  preshot  photography  in  order  to 
provide  ease  of  visual  comparison.  Both  ex¬ 
terior  and  interior  surfaces  were  included  in 
this  program.  Because  of  the  many  specific 
details  observed  in  the  condition  of  the  struc¬ 
tures  after  the  shot,  it  was  necessary  to  take 
additional  photographs  of  these  details  in  order 
to  complete  the  photographic  coverage  and  to 
provide  permanent  records  for  use  in  subse¬ 
quent  analysis  and  discussion. 


Chapter  6 

Experimental  Data 


6.1  GENERAL 

This  chapter  presents  information  on  loading 
and  response,  both  as  measured  by  Instruments 
during  the  blast  and  as  observed  by  the  damage 
survey  party  later.  Information  on  permanent 
distortion  and  crack  patterns  is  given  in  Sec.  6.3. 

Permanent  distortions  are  indicated  by 
sketches,  cross  sections,  and  photographs  of  the 
structures  as  a  whole  or  of  components  thereof. 
Distortions  measuring  20  per  cent  of  the  span 
length  were  measured;  5  per  cent  deformations 
were  common.  Transient  deformations  in  many 
cases  were  considerably  larger,  but  a  large 
elastic  recovery  reduced  the  final  deformation. 

The  sketches  of  crack  patterns  usually  indi¬ 
cate  the  direction  of  principal  stress  in  the 
structure  and  within  the  panels  themselves. 

6.2  BLAST  LOADING 

Data  concerning  transient  air-blast  and  earth 
pressures  recorded  on  the  test  structures  are 
given  in  Figs.  6.1  to  6.12.  Wherever  possible 
the  assumed  pressure  curves  used  in  the  preshot 
analysis  are  included  for  comparison. 

Although  no  transient  measurements  were 
taken  in  the  vicinity  of  Structures  3.2.1a  and  b, 
ball-crusher  gauges  indicated  peak  pressure?  of 
the  order  of  magnitude  of  10,000  psi. 

6.3  STRUCTURAL  RESPONSE  (OBSERVED) 

6.3.1  Structure  3.2.1a  (Bombproof  Roof) 

(a)  Damage.  The  roof  of  Structure  3.2.1a 
suffered  a  general  depression  in  the  form  of  a 
crater  with  maximum  deflection  occurring  in 
the  center.  A  diagonal  shear  plane  developed 


near  the  front  edge  of  the  roof,  and  a  vertical 
displacement  of  6  to  8  in.  occurred.  The  anti¬ 
scour  ramp  and  the  earth  in  front  of  the  struc¬ 
ture  were  scoured  away  to  the  top  of  the  footing 
mat,  exposing  the  front  support  wall.  This  wall 
deflected  severely  in  the  center  but  retained  its 
end  connections.  Only  the  roof  was  being  tested 
(Fig.  6.13). 

(b)  Response  History.  The  roof  sustained  a 
maximum  permanent  deflection  of  13  in.  near 
the  center  of  the  slab.  This  resulted  in  radial 
cracks  around  the  center  of  the  roof.  The  pre¬ 
cise  time  during  the  response  at  which  this  de¬ 
flection  occurred  is  not  clearly  Indicated  (Fig. 
6.14).  The  roof  deformation  caused  wide  hori¬ 
zontal  cracks  to  open  up  all  around  the  sides 
near  the  center  of  the  slab  edge,  and  some  sepa¬ 
ration  occurred  along  the  construction  Joint  in 
the  front  edge  of  the  roof  slab.  The  only  other 
significant  response  affecting  the  roof  was  the 
front-wall  action.  Apparently  quite  early  in  the 
loading  phase,  the  blast  wave  reflected  off  the 
leading  edge  of  the  roof  and  caused  the  scouring 
mentioned  previously. 

The  entire  surface  of  the  front  support  wall 
was  then  subjected  to  blast  pressure,  resulting 
in  bending  action  with  a  maximum  permanent 
deformation  of  30  in.  at  the  center.  The  dowels 
connecting  the  front  wall  and  roof  slab  ruptured 
when  the  wall  moved  in.  The  front  edge  of  the 
roof  slab  also  was  deformed  about  IS  in.  inward 
in  the  center  of  the  span  (Fig.  6.15).  This  15-in. 
deformation  is  probably  closely  related  to  the 
diagonal  tension  shear  plane  which  developed. 
The  roof  slab  was  axially  loaded  by  the  horizon¬ 
tal  component  of  the  pressure  and  vertically 
loaded  by  the  vertical  component. 

The  reflected  pressure  of  the  horizontal  com¬ 
ponent  off  the  front  edge  of  the  slab  caused  an 
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Fig.  6.4  Air-blast  Pressure,  Structure  3.2.3b 
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Fig.  6.13  Postshot  Aeri 


BLAST 


Fig.  6.14  Roof  from  Right  Rear  Showing  Cratering,  Structure  3.2.1a 


Fig.  6.15  Center  Section  of  Edge  of  Roof  Slab  and  Front  Bearing  Wall,  Structure  3.2.1a 


unbalanced  axial  force  large  enough  to  cause  a 
plane  of  diagonal  tension  failure  to  develop. 

This  plane  extended  diagonally  down  from  a 
point  8  ft  back  from  the  front  edge  to  a  point  on 
the  underside  of  the  slab  above  the  rear  edge  of 
the  front  wall  in  the  displaced  position,  having  a 
slope  of  one  horizontal  to  two  vertical.  The  sec¬ 
tion  of  the  roof  slab  forward  of  the  shear  plane 
deformed  15  in.  and  moved  back  and  up  along  the 
plane  giving  a  6-  to  8-in.  relative  displacement 
between  this  section  and  the  remainder  of  the 
roof  slab.  The  reflected  pressures  developing  in 
the  pocket  under  the  overhanging  edge  of  the  roof 
slab  may  have  contributed  to  this  upward  mo¬ 
tion.  The  entire  structure  was  tilted  back  ap¬ 
proximately  3°.  The  concrete  on  the  front  edge 
of  the  roof  slab  and  on  the  front  corners  was 
badly  spalled,  exposing  a  considerable  amount 
of  steel.  Despite  this  punishment,  the  slab  still 
spanned  the  22-ft  gap  between  support  walls  af¬ 
ter  the  blast  wave  had  passed.  ■- 

(c)  Methods  of  Failure.  Other  than  cracking 
and  spalling  of  concrete,  no  significant  failure 
occurred  in  the  roof  slab.  The  concrete  failed 
in  diagonal  tension  near  the  front  edge,  prima¬ 
rily  because  of  reflection  off  the  front  face. 

The  vertical  dowels  connecting  the  slab  to  the 
front  wall  were  sheared  off  by  the  wall  move- 
•  ment,  the  steel  failing  mainly  in  shear.  The 

ends  of  the  broken  dowels  scratched  the  under¬ 
side  of  the  roof  slab  as  the  wall  moved  in  (Fig. 
6.16).  The  steel  at  the  shear  plane  in  the  roof 
slab  was  badly  bent  but  did  not  fail.  This  ver¬ 
tical  truss  steel  was  exposed  on  the  top  and  bot¬ 
tom  of  the  roof  slab.  The  5  per  cent  maximum 
roof  deformation  fell  safely  within  the  10  per 
cent  allowed  before  failure  can  be  considered  to 
have  occurred. 

6.3.2  Structure  3.2.1b  (Cellular  Roof) 

(a)  General  Damage.  Structure  3.2.1b  was 
completely  demolished  (Fig.  6.20).  The  roof 
section  was  torn  loose  from  the  foundation, 
broken  up  into  pieces,  and  scattered  over  a 
%  radius  of  200  ft  beyond  the  building.  The  sides 

were  blown  out  and  slightly  to  the  rear.  The  top 
slab  was  separated  from  the  top  layer  of  cells 
and  moved  approximately  150  ft  to  the  rear, 
right  side  up,  but  badly  cracked  and  spalled. 

»  The  center  and  lower  layers  of  cells  were 

broken  up  badly  and  blown  behind  the  structure. 
The  front  wall  of  the  foundation  was  exposed  by 


scouring  and  completely  severed  at  the  ends;  it  ' 

then  moved  straight  back  to  the  rear  wall.  The 
concrete  from  the  United  States  in  the  precast 
cells  which  became  exposed  as  the  roof  slab 
broke  up  was  fused  to  a  glassy  green  on  the  ex¬ 
posed  surfaces  by  the  thermal  radiation  from 

the  explosion.  The  coral  concrete  was  not  af-  1 

fected  in  this  manner  because  it  lacked  the  ig¬ 
neous  materials,  such  as  quartz,  necessary  for  ! 

such  fusion. 

(b)  Damage  to  Components.  Since  this  struc-  j 

ture  was  a  test  of  a  roof  section,  the  only  im¬ 
portance  which  can  be  attached  to  parts  of  the 

structure  other  than  the  roof  is  the  way  in  which  j 

their  response  affected  the  roof  test.  As  will  be  ( 

explained  in  Sec.  6.3.2c,  the  supporting  ele-  ^ 

ments  for  the  roof  failed,  allowing  the  lower  two- 

thirds  of  the  roof  to  overturn.  Hence  the  roof 

was  not  properly  tested  but  rather  failed  because 

of  the  failure  of  its  supporting  components. 

(c)  Response  History.  Early  in  the  sequence 
of  events,  the  base  of  the  front  wall  was  severed 
from  the  footing  mat  along  the  horizontal  con¬ 
struction  joint  through  the  center  of  the  heavy 
box  truss.  The  front  wall  then  acted  as  a  beam 
supported  at  the  ends  as  Indicated  by  the  8-ln. 
permanent  deformation  which  occurred  in  this 
beam  before  it  sheared  off  at  its  supports  and 
moved  to  the  back  wall.  The  roof  was  then  sub¬ 
jected  to  ballooning  action  due  to  the  blast  pres¬ 
sure  trapped  inside  the  shallow  3-ft  opening 
underneath.  The  center  and  bottom  layers,  with 
the  exception  of  the  outer  rows  of  filled  cells  on 
the  sides,  were  then  rotated  up  and  back  behind 
the  building.  The  vertical  trusses  were  bent  up 
and  back,  and  the  web  members  were  badly 
curled.  The  filled  side  cells  at  the  ends  of  the 
center  and  bottom  layers  were  then  blown  out¬ 
ward  and  back  as  a  unit  (Fig.  6.21). 

Apparently  the  top  slab  and  top  layer  of  cells 
acted  Independently  from  the  rest  of  the  struc¬ 
ture.  The  blast  wave  passed  underneath  the  top 
slab  through  the  ports  in  the  top  layer  of  cells, 
shearing  this  portion  of  the  roof  from  thq  re¬ 
mainder  of  the  building.  A  shearing  force  was 
also  exerted  against  the  front  edge  of  the  roof 

slab.  Then  either  the  free  portion  was  uplifted  , 

by  reflected  pressure  underneath  and  thrown 
back  while  rotating  360”  to  its  new  location  150 
ft  to  the  rear  or  it  was  moved  off  horizontally. 

The  condition  of  the  top  slab  is  not  definitive; 
the  numerous  cracks  and  spalls  could  have  oc¬ 
curred  either  before  or  after  it  tore  loose.  This 
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Fig.  6.17  Deformation  of  Structure  3.2.1a 


1.18  Cracks  on  Edge  of  Slab  from  Right  Front,  Structure 
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portion  of  the  roof  can  definitely  be  considered 
weak,  since  the  failure  of  the  supporting  compo¬ 
nents  did  not  affect  its  response  (Fig.  6.22). 

(d)  Methods  of  Failure.  In  general,  the  roof 
failed  by  shearing  off  laterally  from  side  pres¬ 
sure  rather  than  in  bending  from  normal  verti¬ 
cal  pressure,  as  intended  in  the  design.  The 
construction  joint  on  top  of  the  foundation  where 
the  bottom  chord  of  the  lower  steel  truss  in  the 
roof  was  welded  to  the  top  chord  of  the  box 
truss  in  the  foundation  was  the  principal  point  of 
failure.  The  2-in.  fillet  welds  failed,  leaving  the 
roof  free  to  move  (Fig.  6.23). 

All  the  exposed  trusses  bore  indications  of 
terrific  punishment.  The  filled  cells  were  ob¬ 
viously  stronger  than  the  hollow  ones  and  in 
several  instances  were  found  intact  but  widely 
separated  from  the  building  or  other  cells  (Fig. 
6.24).  No  hollow  cells  were  found  intact,  all  of 
them  having  shattered. 

6.3.3  Structure  3.2.2a  (Panels  on  Bents) 

(a)  General  Damage.  Structure  3.2.2a  suffered 
general  over-all  failure.  The  panels  forming  the 
front  siding  were  stripped  off  and  blown  in.  All 
the  remaining  panels  then  exploded  outward  from 
the  building.  The  side  walls  were  split  in  two 
and  moved  outward  and  to  the  rear  approximately 
60  ft  from  the  building.  The  roof  and  rear  walls 
were  blown  behind  the  structure  (Fig.  6.26). 

(b)  Damage  to  Components .  The  horizontal 
front-wall  panels  of  this  structure  were  torn 
loose  from  their  bent  supports  because  of  the 
failure  of  the  end  and  side  connections.  Even 
though  their  end  anchorage  was  insufficient,  the 
panels  held  long  enough  to  suffer  considerable 
permanent  deformation.  The  panels  had  to  bend 
considerably  to  move  past  the  bents,  even  after 
the  end  anchorages  had  failed.  In  effect,  a  sim¬ 
ple  beam  condition  existed.  Two  moment  fail¬ 
ures  near  the  center  of  the  panel  were  common, 
leaving  the  panel  in  a  U  shape.  These  panels 
landed  in  or  to  the  rear  of  the  structure. 

The  end  walls  split  in  two  along  the  joint  be¬ 
tween  the  two  panels  nearest  the  center  because 
of  moment  failure.  In  some  cases  the  panels 
were  blown  away  from  the  tension  steel  in  the 
ribs,  leaving  the  steel  attached  to  the  bents.  In 
other  instances  the  end  connections  failed.  The 
halves  of  each  end  wall  moved  out  as  a  unit  rela¬ 
tively  intact. 


The  roof  and  rear  walls  broke  loose  in  a  man¬ 
ner  similar  to  the  side-wall  panels.  Roof  panels 
on  each  half  of  the  roof  remained  attached  re¬ 
markably  well,  all  ending  up  badly  cracked  just 
to  the  rear  of  the  building  but  still  attached  to 
one  another.  One  front  roof  panel  tore  loose  and 
moved  about  55  ft  to  the  rear  of  the  building. 

The  rear -wall  panels  were  intermixed  with  the 
roof  panels. 

The  moment  failures  near  the  haunches  of  the 
center  bent  and  lesser  effects  on  the  end  bents 
indicate  that  the  bents  absorbed  all  the  load  they 
were  capable  of  taking  before  the  panels  peeled 
off.  Had  the  panels  remained  in  place  and  fully 
loaded  the  bents,  they  would  probably  have  suf¬ 
fered  complete  failure. 

(c)  Response  History.  The  panels  of  this 
structure  held  long  enough  for  the  blast  wave  to 
encompass  the  building.  This  is  shown  by  in¬ 
ward  deformations  of  all  panels  of  up  to  1  Vj  In. 
across  a  30-in.  panel  or  a  deformation  of  L/20 
(Fig.  6.28).  Also  the  anchor  bolts  and  reinforc¬ 
ing  bars  on  the  rear-wall  panels  generally  had 
double  or  S  curves,  indicating  an  early  pressure 
from  the  exterior  followed  by  a  greater  pres¬ 
sure  from  the  interior.  The  near  failures  of  the 
bents  further  prove  this  point  (Fig.  6.29). 

The  front  wall  then  gave  way,  allowing  the 
blast  wave  to  enter  the  structure  and  exert  pres¬ 
sure  on  all  the  remaining  panels  from  their  weak 
sides.  This  resulted  in  a  general  ballooning  of 
the  structure  due  to  the  entrapped  blast  wave  re¬ 
flecting  off  the  building  interior  until  pressures 
exceeding  exterior  pressures  developed. 

The  end  walls  apparently  were  next  to  go, 
moving  away  from  the  structure  at  a  45°  angle. 
The  distances  covered  by  these  panels  Indicate 
that  the  roof  and  rear  walls  were  still  in  place 
to  confine  the  pressure. 

The  roof  and  rear  walls  followed,  the  roof  be¬ 
ing  blown  up  and  back  and  the  rear-wall  panels 
being  blown  back.  Some  of  the  front-wall  panels 
were  blown  through  the  building  to  a  point  20  to 
30  ft  to  the  rear  of  the  building,  Indicating  the 
effect  of  the  greater  front-wall  pressures. 

(d)  Methods  of  Failure.  The  failure  of  the  end 
and  side  connections  of  the  front  panels  is  of  pri¬ 
mary  importance,  because  this  failure  prevented 
the  panels  from  absorbing  their  design  load  and 
ultimately  released  the  blast  pressure  to  the 
building  interior.  The  bolts  through  the  bents 
holding  the  plate,  which  was  welded  to  the  clip 


Fig.  6.23  Failure  of  Weld  Between  Roof  and  Bearing  Wall,  Structure  3.2.1b 
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Fig.  6.25  Final  Location  of  Structural  Elements,  Structure  3.2.1b 
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Fig.  G  .28  Inward  Deformation  of  Front  Panel,  Structure  3.2.2a 
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on  the  end  of  the  panel,  failed  in  tension  (Fig. 
6.30).  There  were  only  two  %-in.  bolts  at  each 
end  of  each  panel.  The  anchor  bolts  along  the 
foundation  were  bent  in  severely,  but  there  were 
no  failures.  Rather,  the  concrete  around  the 
pipe  sleeves  of  these  bolts  failed  (Fig.  6.31). 

The  method  by  which  the  other  panels  broke 
loose  is  not  too  important,  since  the  pressure 
was  on  their  weak  side.  Hence  the  steel  de¬ 
signed  as  tension  steel  acted  as  compression 
steel.  It  was  necessary  only  for  the  concrete 
around  this  steel  to  fail  in  tension  to  release  the 
panel.  In  some  instances  the  angle  on  the  end  of 
the  side-wall  panels  separated  from  the  angle  on 
the  end  of  the  roof  panels  by  breaking  the  weld 
(Fig.  6.32). 

6.3.4  Structure  3.2.2b  (Panels  on  Brick) 

(a)  General  Damage.  The  roof  of  Structure 
3.2.2b  collapsed  completely,  and  the  timber  roof 
joists  came  to  rest  on  the  floor.  The  front  wall 
rotated  about  the  foundation  until  supported  by 
the  roof  joists  at  an  angle  of  45e  (Fig.  6.34).  The 
side  walls  bulged  out  slightly,  and  the  rear  wall 
was  deflected  toward  the  building  interior.  The 
brick  on  the  three  sides  left  standing  was 
cracked  slightly  as  a  result  of  the  wall  deforma¬ 
tions. 

(b)  Damage  to  Components.  The' major  part 
of  the  roof,  with  the  exception  of  one  or  two 
panels  on  each  end,  failed  a  foot  or  two  to  the 
rear  of  the  longitudinal  center.  The  typical 
break  was  sharp  with  very  little  deformation  in 
the  rest  of  the  panel.  The  timber  joists  frac¬ 
tured  in  the  typical  fashion  of  wood  beams  with  a 
splintered  jagged  break  and  numerous  longitudi¬ 
nal  cracks  running  back  along  the  joist.  The 
roof  panels  and  joists  pulled  away  from  their  end 
connections.  The  fractured  roof  members  fi¬ 
nally  came  to  rest  on  the  floor  after  rotating 
about  their  end  points.  The  roof  panels  retained 
attachment  between  themselves  rather  well  ex¬ 
cept  at  the  center  where  they  parted  to  allow  the 
roof  to  reach  the  floor. 

The  front-wall  panels  were  relatively  undam¬ 
aged  except  at  the  points  of  separation  near  the 
corners.  Some  inward  deformation  occurred 
within  the  individual  panels.  When  the  wall  ro¬ 
tated,  the  footing  supporting  the  panels  rotated 
and  was  lifted  with  the  wall  since  it  had  no  re¬ 
straint  (Fig.  6.35).  This  uplift  caused  several 
breaks  in  the  footing  because  the  ends  were  an¬ 


chored  at  the  corners.  The  brick  wall  remained 
well  attached  to  the  panels  through  the  bolt-and- 
washer  connections,  even  on  the  front  wall  which 
came  to  rest  at  approximately  a  45°  angle.  The 
mortar  work  was  excellent;  most  of  the  masonry 
failures  occurred  in  the  brick  itself  rather  than 
in  the  mortar  (Fig.  6.36). 

Some  cracking  occurred  in  the  brick  of  the 
left  end  wall,  especially  near  the  corners.  Out¬ 
wardly  this  wall  was  undamaged.  The  right  end 
wall  was  cracked  more  generally,  indicating 
slightly  more  movement  than  the  left  wall.  How¬ 
ever,  the  panels  on  the  exterior  were  essentially 
undamaged.  The  door,  although  easily  removed, 
suffered  about  a  2-in.  maximum  inward  defor¬ 
mation. 

Uniformly  varying  deflections  of  up  to  a  2%- 
in.  maximum  at  the  top  center  occurred  in  the 
rear  wall.  This  movement  was  not  sufficient  to 
damage  the  panels,  except  for  some  cracking  at 
the  weld  points,  but  the  brick  wall  was  cracked 
slightly. 

The  angles  attaching  the  vertical  wall  panels 
to  the  footing  were  undamaged.  A  typical  crack 
pattern  developed  around  the  welded  connec¬ 
tions  between  panels,  indicating  stress  concen¬ 
trations  in  the  concrete  at  these  points.  Many  of 
these  cracks  had  already  started  before  the  shot. 
A  considerable  number  of  cracks  developed  in 
the  panel  footing  at  anchor-bolt  locations. 

(c)  Response  History.  In  considering  the  re¬ 
sponse  of  this  structure,  the  actions  of  the  roof, 
front,  and  rear  walls  must  be  considered  to¬ 
gether.  Assuming  that  no  failures  had  time  to 
occur  until  the  blast  wave  had  a  chance  to  pass 
over  the  structure  and  load  the  rear  wall,  the 
following  sequence  of  events  occurred: 

1.  The  blast  wave  reached  the  structure  and 
loaded  the  front  wall.  Half  of  this  load  was 
passed  to  the  rear  wall  by  the  roof  acting  as  a 
strut. 

2.  The  blast  wave  loaded  the  roof,  causing 
some  downward  deflection. 

3.  The  blast  wave  loaded  the  rear  wall,  tend¬ 
ing  to  counteract  or  relieve  the  force  transmit¬ 
ted  to  it  from  the  front  wall.  This  balancing  of 
forces  tended  to  stabilize  the  rear  wall. 

4.  The  roof,  acting  as  a  column  with  its  base 
at  the  rear  wall  and  loaded  by  the  front-wall 
reaction  as  well  as  the  side-on  pressure,  con¬ 
tinued  to  deflect.  The  moment  at  the  center  of 
the  roof  continued  to  increase  in  proportion  to 
the  deflection. 
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5.  The  roof  collapsed  because  of  excessive 
moment.  The  front  wall  rotated  simultaneously 
until  supported  by  fractured  roof  joists.  The 
front  wall  opened  slightly  near  corners. 

6.  The  rear  wall  lost  equilibrium  of  forces 
when  the  roof  could  not  transfer  front-wall  load 
to  It  and  suffered  inward  deformation.  The  blast 
wave  passed  on  before  serious  damage  devel¬ 
oped. 

7.  After  the  front  wall  opened,  the  blast  wave 
had  some  opportunity  to  enter  the  structure  and 
load  the  end  walls  from  the  interior.  The  end 
walls  bulged  out  at  the  top  a  maximum  of  2  in. 
This  completed  the  response. 

Except  within  one  or  two  panels  of  the  end 
walls,  the  S  force,  or  horizontal  restraining 
force  necessary  to  develop  the  upper  portion  of 
the  load-deflection  curve  used  in  the  design  of 
the  roof  panels,  was  absent.  Hence  the  roof 
panels  were  not  able  to  develop  their  design 
strength.  That  the  end  walls  did  not  develop  as 
shear  walls  to  the  degree  anticipated  is  indi¬ 
cated  by  the  small  amount  of  damage  they  re¬ 
ceived. 

(d)  Methods  of  Failure.  The  complexity  of  the 
support  for  the  roof  panels  clouds  the  explana¬ 
tion  for  their  sharp  failure  at  the  center  span 
with  very  little  accompanying  deformation 
throughout  the  rest  of  the  panel  (Fig.  6.37).  Ap¬ 
parently,  a  column  failure  occurred  at  the  cen¬ 
ter  of  the  span  because  of  the  axial  loading. 
Further  studies  of  the  behavior  of  concrete  pan¬ 
els  under  dynamic  loading  will  be  required. 

Aside  from  the  roof  failure  the  connections 
are  all  that  remain  to  be  examined.  As  the  roof 
deflected  downward,  the  ends  of  the  panels  ro¬ 
tated  inward  and  upward  until  the  end  connec¬ 
tion  failed.  Typical  45°  weld  failures  occurred 
where  the  plates  on  the  ends  of  the  roof  panels 
sheared  off  from  the  angles  atop  the  wall  panels 
(Fig.  6.38).  There  were  no  weld  failures  on  the 
connections  between  panels.  Instead,  at  the 
points  where  panels  separated,  the  rib  steel 
sheared  or  was  pulled  out  of  the  concrete. 

There  were  several  instances  where  the  bolt 
attaching  the  panel  to  the  masonry  pulled  through 
the  panel  when  the  front  wall  rotated.  Larger 
exterior  washers  would  have  prevented  this,  but 
they  would  not  be  required  if  the  wall  remained 
near  the  vertical. 

Rotation  of  front-wall  footing  was  caused  by 
the  large  moment  developed  at  the  foot  of  the 
front  wall  when  it  started  to  rotate  Inward.  Some 


footing  restraint  could  be  provided  by  anchoring 
the  structure  footing  to  the  panel  footing. 

6.3.5  Structure  3.2.3a  (Matchbox) 

(a)  General  Damage.  Structure  3.2.3a  suf¬ 
fered  complete  collapse.  The  front  wall  was 
shattered;  the  end  walls  were  hurled  outward  as 
units  and  separated  from  the  foundation  by  about 
15  ft;  the  roof  was  torn  off  and  hurled  about  100 
ft  to  the  rear  of  the  structure;  and  the  rear  wall 
was  knocked  down,  its  base  remaining  partly  at¬ 
tached  to  the  foundation. 

(b)  Damage  to  Components.  The  individual 
panels  of  the  front  wall  were  shattered.  Cells 
collapsed,  trusses  were  bent  and  distorted,  and 
most  of  the  panels  were  torn  away  from  the 
foundation.  The  end-wall  panels  suffered  little 
Individual  damage,  and  in  most  cases  the  joints 
between  panels  remained  Intact,  even  though  the 
entire  wall  was  displaced  about  15  ft  from  its 
original  position.  The  roof  panels  sustained 
considerable  damage,  although  they  remained  as 
units.  Most  of  the  damage  to  the  panels  them¬ 
selves  was  probably  due  to  the  impact  of  landing 
on  the  ground,  since  damage  was  largely  local¬ 
ized  and  some  sections  were  practically  intact. 
The  rear-wall  panels  sustained  moderate  dam¬ 
age;  however,  considerable  bending  occurred  in 
the  lower  quarter  of  the  panels. 

(c)  Response  History.  As  the  shock  wave 
struck  the  front  wall,  the  panels  comprising 
this  wall  deflected  to  a  considerable  extent,  with 
a  maximum  dishing  at  the  center  of  the  wall  of 
the  order  of  1  ft.  The  portion  of  the  applied 
force  that  was  transmitted  to  the  roof  by  the 
front-wall  panels  was  apparently  transferred  to 
the  rear  wall  and  end  walls  and  thence  to  the 
foundation.  Any  deflections  of  the  roof,  rear 
wall,  or  end  walls  in  transmitting  this  load  were 
apparently  very  small,  since  no  evidence  of  sig¬ 
nificant  deflections  prior  to  direct  loading  of 
these  elements  was  found. 

As  the  front  wall  continued  to  deflect  under 
load,  it  developed  the  maximum  resistance  that 
the  connections  at  the  roof  could  sustain.  The 
front- wall  panels  then  were  severed  from  the 
roof  at  its  underside  and  were  rotated  inward 
about  their  bases.  The  force  applied  to  the 
front-wall  panels  during  this  phase  was  suffi¬ 
cient  to  break  them  loose  from  the  foundation 
through  a  cantilever  action  and  then  to  hurl  them 
an  appreciable  distance  to  the  rear  of  the  struc- 
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Fig.  6.38  Weld  Failures  Between  Roof  and  Wall  Panels,  Structure  3.2.2b 
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ture.  Typical  S  curves  in  the  remaining  por¬ 
tions  of  these  panels  indicate  the  combined  ac¬ 
tion  of  initial  bending  between  two  supports  (roof 
and  foundation)  and  then  reverse  bending  about 
the  base.  The  front  wall  remained  in  place  over 
a  long  enough  period  of  time  to  receive  a  severe 
sandblasting  of  the  exterior  face,  whereas  there 
was  no  sandblast  effect,  nor  any  other  damage, 
on  the  interior  face  of  the  rear  wall,  which,  of 
course,  became  exposed  when  the  front  wall  col¬ 
lapsed. 

The  collapse  of  the  front  wall  allowed  the 
pressure  wave  to  enter  the  structure  and  create 
a  condition  of  internal  loading  on  the  end  walls, 
roof,  and  rear  wall,  resembling  the  effect  of  a 
piston  compressing  the  fluid  inside  a  cylinder. 
The  resulting  effect  was  a  ballooning  of  the 
structure  which  developed  the  maximum  resist¬ 
ance  of  the  connections  between  the  end  walls  and 
the  roof  and  between  the  roof  panels  themselves. 

When  the  load  exceeded  the  maximum  resist¬ 
ance  of  these  connections,  a  literal  explosion  of 
the  structure  occurred.  The  roof  split  along  its 
center  line  normal  to  the  shock  front,  and  at 
practically  the  same  instant  the  end  walls  sepa¬ 
rated  from  the  roof.  The  two  sections  of  the  roof 
rotated  upward  about  the  top  of  the  rear  wall, 
and  the  end  walls  rotated  outward  about  their 
bases.  The  cantilever  action  of  the  roof  about 
the  top  of  the  rear  wall  caused  the  connections 
to  rupture,  and  the  force  then  acting  on  the  ex¬ 
posed  underside  of  the  roof  was  sufficient  to 
hurl  each  of  the  two  major  sections  about  100  ft 
to  the  rear  of  the  structure.  The  roof  sections 
showed  no  evidence  of  panel  deflections  of  suffi¬ 
cient  size  to  cause  permanent  deformation  dur¬ 
ing  this  dislodging  action.  Tne  connections  of 
the  end  walls  to  the  foundation  were  also  sepa¬ 
rated,  allowing  these  units  to  be  displaced  out¬ 
ward  from  the  foundation,  the  left  wall  moving 
out  about  15  ft  and  the  right  wall  about  5  ft.  The 
end  walls  had  some  permanent  bowing  in  an  out¬ 
ward  direction,  indicating  that  they  underwent 
appreciable  deflections  before  the  roof  severed 
from  the  rear  wall.  The  pressure  acting  on  the 
inside  face  of  the  rear  wall  caused  it  to  bend 
outward  about  its  base  until  it  finally  collapsed. 
The  bases  of  these  rear-wall  panels  did  not 
separate  from  the  foundation. 

(d)  Methods  of  Failure  (Structures  3.2.3a  and 
h).  The  basic  cause  of  the  collapse  of  Structures 
3.2.3a  and  b  was  the  failure  of  the  front  wall. 


This  wall  failed  at  the  connection  to  the  roof  by 
pulling  loose  in  tension  as  the  wall  deflected  in¬ 
ward  and  attempted  to  shorten  the  distance  be¬ 
tween  the  foundation  and  the  roof.  There  un¬ 
doubtedly  was  a  shear  component  introduced  in 
this  failure,  because  the  horizontal  force  on  the 
front  wall  attempted  to  give  the  entire  wall  a 
translational  motion  toward  the  rear.  In  almost 
every  case  the  weld  between  the  chord  bars  of 
the  wall  trusses  and  the  end  plate  of  these 
trusses  failed.  The  end  plate  remained  attached 
to  the  roof  trusses  and  to  the  long  bar  truss 
(T-7)  that  ran  along  the  longitudinal  edge  of  the 
roof  (Fig.  6.45).  Note  that,  where  the  end  plate, 
or  top  plate,  of  the  wall  truss  was  severed  from 
the  edge  truss,  the  failure  was  in  tension.  The 
results  of  the  strong  tension  forces  exerted  by 
the  front  wall  on  the  edge  of  the  roof  can  be 
seen  in  Fig.  6.45  by  observing  the  distortions  of 
the  heavy  bar  of  the  edge  truss. 

Once  the  connections  of  the  front  wall  to  the 
roof  were  severed,  the  front  wall  acted  as  a  can¬ 
tilever  about  its  base,  and,  as  the  wall  rotated 
Inward,  the  lower  ends  of  the  wall  trusses  failed. 
Either  the  outside  bar  of  each  truss  broke  the 
weld  to  its  anchorage  channel  or  the  bar  itself 
failed  in  tension  just  above  the  channel.  As  soon 
as  this  bar  was  loose,  the  translational  forces 
acting  on  the  front-wall  panels  caused  the  inside 
bar  of  these  trusses  to  fail  in  tension,  either 
through  the  weld  at  the  base  or  in  the  bar  itself. 
None  of  the  grout  concrete  in  the  footing  recess 
broke  out  along  the  front  wall  (Fig.  6.46). 

The  rest  of  the  structure  was  loaded  from  the 
inside.  In  each  structure  the  roof  split  precisely 
down  the  short  center  line,  right  through  the  cen¬ 
ter  of  the  middle  roof  truss.  The  roof  was  sev¬ 
ered  from  the  end  walls  along  the  edge  row  of 
cells,  this  row  remaining  with  the  end  walls 
(Fig.  6.47).  This  condition  is  due  to  the  short 
lateral  trusses  (T-5)  connecting  the  end  roof 
panels  to  the  end  walls;  the  trusses  extended 
through  only  the  edge  row  of  cells  that  still  re¬ 
mained  with  the  end  walls  (Fig.  D.ll).  When  the 
roof  had  split  down  the  center  line  and  had  also 
severed  from  the  end  walls,  the  pressure  inside 
the  structure  forced  the  roof  up  and  to  the  rear 
so  that  it  acted  as  a  cantilever  about  the  top  of 
the  rear  wall.  In  Structure  3.2.3a,  the  roof  sev¬ 
ered  from  the  top  of  the  rear  wall  by  breaking 
the  welds  between  the  wall-truss-chord  bars  and 
the  end  plate  of  each  of  the  wall  trusses — pre- 
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Fig.  6.40  Horizontal  Deformations,  Rear  Wall  of  Structure  3.2.2b 


Fig.  6.43  Cracks  on  Interior  of  Brick  Wall,  Structure  3.2.2b 


MICROCOPY  RESOLUTION  TEST  CHART 

NATIONAL  BUREAU  OF.  STANDARDS  1963  A 


Attached  to  Roof  Trusses  in  Every  Case  and  to  the  T-7 
ass  in  Most  Cases) 


Fig.  6.46  View  Along  Front  Edge  of  Foundation  of  Structure  3.2.3a.  Isolated  trusses  are  only  remnants 

of  Front  Wall. 
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Fig.  6.47  Edge  Row  of  Roof  Cells  Still  Attached  to  Each  End  Wall.  Structure  3.2.3b 


cisely  the  type  of  failure  that  occurred  at  the 
front  wall  (Fig.  6.48). 

In  Structure  3.2.3b,  however,  the  roof  was 
severed  from  the  top  of  the  rear  wall  by  a  fail¬ 
ure  in  the  end  of  the  roof  truss.  This  was  a  weld 
failure  at  the  point  where  the  chord  bars  of  the 
roof  trusses  were  welded  to  the  end  section  of 
these  trusses  (Detail  A,  Fig.  D.12).  The  poured- 
in-place  rear  roof  edge  of  Structure  3.2.3b  re¬ 
mained  intact  (Fig.  6.49).  A  detail  view  of  the 
weld  failure  of  a  roof  truss  In  Structure  3.2.3b 
is  shown  in  Fig.  6.  SO.  The  end  walls  were  ro¬ 
tated  outward  by  the  pressure  Inside  the  struc¬ 
tures  and  acted  as  cantilevers  about  their  bases. 
Failure  of  the  base  connections  took  place  in 
several  ways.  Many  of  the  trusses  pulled  out  of 
the  anchorage  channels  by  rupturing  the  welds  at 
these  points  or  by  shearing  the  parent  metal  of 
the  channel  at  the  weld  location  (Fig.  6.51). 
Others  remained  attached  to  the  channels  and 
pulled  the  channels  up  over  the  heavy  nuts  on 
the  anchor  bolts  (Fig.  6.52). 

The  end-wall  panels  suffered  practically  no 
damage  in  Structure  3.2.3b  (Fig.  6.47)  and  only 
moderate  damage  in  Structure  3.2.3a  (Fig.  6.51). 

The  rear  walls  of  both  structures  were 
loaded  from  inside.  In  Structure  3.2.3a  the  rear 
wall  was  rotated  outward  until  the  inside  bar  of 
each  wall  truss  severed  from  the  anchorage 
channel  by  failing  at  the  weld.  When  this  weld 
ruptured,  the  wall  toppled  over,  with  consequent 
crushing  and  shattering  of  the  lower  row  of  cells 
of  the  rear  wall  (Fig.  6.53).  The  outside  bar  of 
the  rear-wall  trusses  remained  attached  to  the 
anchorage  channel,  and  all  channels  remained  in 
place.  The  rear  wall  of  Structure  3.2.3b  re¬ 
mained  standing  and  largely  intact,  as  shown  in 
Fig.  6.47. 

6.3.6  Structure  3.2.3b  (Matchbox) 

(a)  General  Damage.  Structure  3.2.3b, .which 
was  identical  in  construction  with  Structure 
3.2.3a,  suffered  complete  collapse,  although  the 
degree  of  destruction  was  much  less  severe 
than  that  sustained  by  Structure  3.2.3a.  The 
front  wall  was  knocked  down  toward  the  center 
of  the  structure,  but  its  base  remained  attached 
to  the  foundation.  The  end  walls  were  forced 
outward  to  a  horizontal  position,  and  the  bases 
were  severed  from  the  foundation,  although  no 
bodily  lateral  displacement  of  these  walls  oc¬ 
curred.  The  roof  was  torn  off  and  hurled  about 


75  ft  to  the  rear  of  the  structure.  The  rear  wall 
remained  standing,  basically  intact;  only  a  mod¬ 
erate  wall  deformation  resulted. 

(b)  Damage  to  Components.  The  individual 
panels  of  the  front  wall  were  severely  damaged. 
Some  cells  collapsed;  others  were  dislodged 
from  the  panels  and  hurled  to  the  rear.  Only  a 
few  cells  remained  Intact.  Trusses  bent  con¬ 
siderably  because  of  the  initial  heavy  deflection 
of  the  front  wall  prior  to  its  failure  and  the  final 
cantilever  action  as  the  wall  collapsed  inward. 
The  end-wall  panels,  with  one  minor  exception, 
remained  completely  intact.  The  roof  panels 
suffered  considerable  localized  damage,  prob¬ 
ably  due  to  the  impact  of  landing,  but  otherwise 
they  remained  largely  undamaged.  The  rear- 
wall  panels  were  practically  undamaged. 

(c)  Response  History.  As  the  shock  wave 
struck  the  front  wall,  the  panels  comprising 
this  wall  deflected  to  an  appreciable  extent,  pos¬ 
sibly  in  the  neighborhood  of  6  in.  at  the  center. 
The  portion  of  the  load  that  was  transferred  to 
the  roof  by  the  front-wall  panels  was  trans¬ 
mitted  to  the  rear  wall  and  the  end  walls  and 
thence  to  the  foundation.  Any  deflections  of  the 
roof,  rear  wall,  or  end  walls  in  transmitting 
this  load  were  apparently  very  small,  since  no 
evidence  of  significant  deflections  prior  to  di¬ 
rect  loading  of  these  elements  was  found. 

As  the  front  wall  continued  to  deflect  tinder 
load,  it  developed  the  maximum  resistance  that 
the  connections  at  the  roof  could  sustain.  The 
front-wall  panels  were  then  severed  from  the 
roof  at  its  underside,  rotated  inward  about  their 
bases,  and  continued  bending  until  they  reached 
the  floor  slab.  The  base  connection  remained  in¬ 
tact  in  most  of  these  front-wall  panels,  but  the 
steel  trusses  sustained  a  90°  bend  in  the  lower 
foot  or  two,  and  many  of  the  cells  collapsed  be¬ 
cause  of  the  bending  action. 

The  collapse  of  the  front  wall  allowed  the 
pressure  wave  to  enter  the  structure  and  create 
a  condition  of  internal  loading  on  the  end  wails, 
roof,  and  rear  wall,  resembling  the  effect  of  a 
piston  compressing  the  fluid  inside  a  cylinder. 
The  resulting  effect  was  a  ballooning  of  the 
structure  which  developed  the  maximum  resist¬ 
ance  of  the  connections  between  the  end  walls 
and  the  root  and  between  the  roof  panels  them¬ 
selves. 

When  the  load  exceeded  the  maximum  resist¬ 
ance  of  these  connections,  a  literal  explosion  of 


rail  of  Structure  3.2.3b  Still  Intact.  Two  roof  trusses  are  still 
partially  attached. 


Fig.  6.51  Eight  End  Wall  of  Structure  3.2.3a,  Showing  Failure  at  Welds  Between  Truss-chord  Bars  and 
Channel.  Second  truss  from  the  right  failed  in  the  weld;  the  rest  sheared  out  the  parent  metal  of  the 

channel  at  the  weld  location. 
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foreground  and  other  debris  are  from  front  wall. 


the  structure  occurred.  The  roof  split  along  its  was  severed  from  the  rear-panel  crown  ribs  and 

center  line  parallel  to  the  blast,  and  at  practi-  slid  slightly  underneath  the  rear  panels, 

cally  the  same  instant  the  end  walls  separated  (b)  Damage  to  Components.  The  right  end 

from  the  roof.  The  two  sections  of  the  roof  ro-  panels  were  destroyed.  The  diaphragm  or  skin 

tated  upward  about  the  top  of  the  rear  wall,  and  sections  of  these  panels  pulled  away  from  the 

the  end  walls  rotated  outward  about  their  bases.  ribs,  which  were  firmly  anchored,  and  each 

The  cantilever  action  of  the  roof  about  the  top  of  panel  broke  into  several  sections  as  it  was 

the  rear  wall  caused  the  connections  to  rupture,  hurled  into  the  structure.  The  left  end  panels 

and  the  force  then  acting  on  the  exposed  under-  developed  only  small  cracks  in  the  concrete  and 

side  of  the  roof  was  sufficient  to  hurl  each  of  remained  basically  intact.  The  front  and  rear 

the  two  major  sections  about  75  ft  to  the  rear  of  panels,  except  for  the  failure  of  the  crown  rib, 

the  structure.  The  roof  sections  showed  no  evi-  remained  basically  intact,  developing  only 
dence  of  panel  deflections  of  sufficient  size  to  limited  cracks  along  the  fold  lines  and  also 

cause  permanent  deformation  during  this  dis-  along  the  inside  base  of  the  rear  panels, 

lodging  action.  The  connections  of  the  end  walls  (c)  Response  History.  As  the  blast  load  was 
to  the  foundation  were  also  severed,  and  the  applied  to  the  front  of  the  structure,  the  shape 

walls  pivoted  about  the  outside  lip  of  the  founda-  and  thickness  of  the  earth  fill  against  the  verti- 

tion,  rotating  outward  until  they  rested  on  the  cal  portions  of  the  front  panels  afforded  a 
ground.  No  lateral  displacement  of  the  end  walls  marked  attenuation  of  the  face-on  pressure,  so 

took  place.  These  walls  showed  a  very  small  that  practically  no  cracks  developed  in  the  dia- 

amount  of  permanent  bowing  in  an  outward  di-  phragm  sections  of  these  members.  As  the 
rection,  indicating  that  limited  deflection  within  shock  wave  began  to  move  over  the  top  of  the 
the  panels  had  taken  place  prior  to  the  time  that  structure,  it  exerted  a  large  downward  force  on 
the  walls  separated  from  the  roof.  The  pressure  the  flatter  portions  of  the  front  panels  and  also  a 
differential  on  the  rear  wall  was  not  sufficient  to  considerable  horizontal  load  tending  to  move  the 
produce  appreciable  motion  or  damage  to  this  front  panels  toward  the  rear.  This  combined 

wall,  although  there  was  an  inward  dishing  of  the  load  caused  the  central  portion  of  each  front 

entire  wall,  with  permanent  deflection  most  pro-  panel  to  rotate  inward,  thereby  exerting  a  force 

nounced  (4  in.)  at  the  top  edge  near  the  center.  through  the  upper  portion  that  tended  to  move 

The  resultant  conditions  were  similar  to  those  the  crown  joint  to  the  rear  and  slightly  upward, 

occurring  when  a  diaphragm  supported  on  three  with  the  accompanying  adjustment  of  the  angles 

edges  has  its  surface  uniformly  loaded.  Whether  at  the  fold  lines  and  at  the  foundation  to  meet 
this  condition  was  caused  by  the  action  of  the  this  deformed  condition.  Local  deformation  of 

roof  sections  in  breaking  loose  from  the  rear  the  diaphragms  of  the  central  and  upper  por- 

wall  or  by  the  pressure  of  the  positive  pressure  tions  of  the  front  panels  also  took  place  during 

wave  while  the  structure  was  still  intact  was  not  this  phase  of  the  loading,  as  evidenced  by  the 
clearly  indicated.  general  cracking  in  these  areas.  No  failures  of 

the  diaphragms  occurred,  however. 

As  the  shock  front  progressed  to  a  point  just 
6.3.7  Structure  3.2.4a  (Gable  Bent)  past  the  center  line  of  the  structure,  the  major 

component  of  the  applied  force  acting  on  the 

(a)  General  Damage.  Structure  3.2.4a  sus-  front  panels  was  in  a  downward  direction,  while 

tained  heavy  damage  but  remained  standing.  The  the  primary  force  acting  on  the  rear  panels  was 

right  end  wall  was  completely  destroyed  and  still  the  horizontal  thrust  being  transmitted 

hurled  into  the  structure.  The  left  end  wall  suf-  from  the  front  panels  through  the  crown  joint, 
fered  practically  no  damage.  The  front  panels  Consequently  the  crown  rib  of  the  front  panels 
suffered  heavy  damage  at  the  crown  connection  attempted  to  move  downward  with  respect  to  the 

but  remained  standing.  Maximum  permanent  crown  rib  of  the  rear  panels.  The  resisting 

deformation  at  the  peak  was  about  8  in.  The  re-  force  in  the  rib  of  the  front  panels  consisted  of 

mainder  of  the  front  panels  sustained  only  light  the  shear  strength  of  the  concrete  above  the 

cracking.  The  rear  panels  were  damaged  only  connecting  bolts.  The  resisting  force  in  the  rib 
slightly,  except  at  the  crown  connection,  where  of  the  rear  panels  consisted  of  a  heavy  steel  re- 
the  central  portion  of  the  front-panel  crown  ribs  inforcing  bar  and  the  concrete  below  the  bolts  in 
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the  crown  rib.  This  latter  section  was  capable  of 
developing  a  greater  resistance  than  the  former, 
and  consequently  the  concrete  above  the  bolts  in 
the  crown  rib  of  the  front  panels  broke  out  and 
allowed  the  upper  end  of  the  front  panels  to  move 
downward  until  they  cleared  the  lower  edge  of 
the  rear  panels  at  this  point. 

The  shock  front  by  this  time  had  progressed 
well  over  the  structure,  so  that  a  general  crush¬ 
ing  force  enveloped  the  building;  the  front  and 
rear  panels  began  a  telescoping  action  at  the 
crown,  with  the  upper  edge  of  the  front  panels 
sliding  underneath  the  upper  edge  of  the  rear 
panels.  This  action  was  arrested  by  a  combina¬ 
tion  of  the  moment  developed  at  the  bases  of  the 
front  and  rear  panels  and  also  by  the  horizontal 
restraint  supplied  by  the  end  walls  and  trans¬ 
mitted  through  the  bolted  connections  between 
parallel  panels.  Restraint  was  also  furnished  by 
the  front  and  rear  panels  adjacent  to  each  end 
wall,  because  these  panels  did  not  sustain  a 
separation  at  the  crown  joint.  The  maximum 
telescoping  of  the  front  and  rear  panels  oc¬ 
curred  at  the  center  panels  and  amounted  to 
about  8  in. 

While  this  action  was  taking  place,  side-on 
pressure  was  being  applied  to  the  ends  of  the 
structure.  The  load  reaching  the  left  end  wall 
had  been  attenuated  by  the  earth  fill  against  that 
wall,  and  only  slight  cracking  of  the  diaphragms 
occurred.  The  right  end  wall,  on  the  other  hand, 
received  the  full  side-on  pressure,  and  the  ini¬ 
tial  action  of  the  loading  here  was  to  deflect  the 
thin  diaphragm  sections  of  the  wall  in  an  inward 
direction.  As  this  deflection  increased,  the  pan¬ 
els  cracked  and  bent  along  a  horizontal  line  at 
about  midheight  of  each  panel,  and  the  upper  and 
lower  portions  then  rotated  inward  about  their 
respective  anchorages,  forming  a  horizontal  V- 
shaped  pattern,  with  the  apex  of  the  V  at  this 
crack. 

As  the  load  continued  to  be  applied,  all  three 
panels  were  severed  from  their  base  ribs,  and 
then  each  entire  panel  rotated  inward  about  the 
edge  of  the  roof.  The  lower  half  of  the  rearmost 
end  panel  then  broke  loose  from  the  upper  half 
and  was  hurled  to  the  left  side  of  the  structure, 
striking  the  left  end  wall  and  falling  to  the  floor. 
The  door  proper  broke  loose  from  the  panel 
above  it  and  moved  to  the  left  end  of  the  struc¬ 
ture.  Then  the  upper  half  of  the  trJ  panel  ad¬ 
jacent  to  the  front  wall  was  severed  from  its  an¬ 
chorage  and  from  its  lower  section  and  was 


hurled  about  15  ft  inside  the  structure.  The 
lower  section  of  this  panel  was  held  by  one  %- 
in.  reinforcing  rod  that  remained  anchored  at 
the  roof  line.  Then  the  upper  section  of  the  rear¬ 
most  panel  and  that  of  the  center  panel  broke 
loose  and  were  hurled  into  the  structure.  Fi¬ 
nally,  the  reinforcing  bar  holding  the  lower  half 
of  the  end  panel  adjacent  to  the  front  wall  broke 
loose  from  its  anchorage,  and  this  last  remain¬ 
ing  part  of  the  end  wall  was  hurled  to  a  point 
about  25  ft  inside  the  structure. 

(d)  Methods  of  Failure.  There  were  only  two 
major  failures  in  this  structure:  One  was  the 
complete  failure  of  the  right  end  wall  (Fig. 

6.61);  the  other  was  the  failure  of  the  crown 
joint  along  the  central  two-thirds  of  the  struc¬ 
ture  (Fig.  6.62). 

The  failure  of  the  right  end  wall  may  be 
largely  attributed  to  an  error  in  engineering  de¬ 
tailing.  These  panels  were  designed  to  receive 
loads  applied  to  the  opposite  face  from  that  which 
was  actually  loaded  in  this  test.  Had  these  pan¬ 
els  been  turned  around,  they  probably  would 
have  withstood  the  pressures  with  only  slight - 
to- moderate  damage.  Some  of  the  methods  by 
which  these  panels  failed  are  significant,  how¬ 
ever,  in  providing  information  concerning  the 
action  of  reinforced  concrete  under  dynamic 
loading. 

The  base  ribs  at  the  foundation  were  torn 
apart  in  tension  through  the  line  of  bolt  holes. 

The  diaphragm  section  had  developed  sufficient 
resisting  forces  to  cause  this  heavy  damage  to 
the  base  ribs.  The  vertical  ribs,  except  those 
bearing  against  side-wall  panels,  failed  at  about 
center  height  because  they  had  practically  no 
tension  steel.  This  failure  allowed  the  dia¬ 
phragms  to  crack  along  a  horizontal  line  at  this 
same  height  and  to  bend  sharply  at  this  axis,  fi¬ 
nally  stretching  the  wire  mesh  enough  to  cause 
it  to  neck  down  and  break.  Figure  6.63  clearly 
shows  one  of  these  lines  of  cracking  and  rupture. 
The  left  edge  of  the  piece  of  the  panel  shown  was 
horizontal  and  at  midheight  of  a  continuous  panel 
before  it  failed. 

The  failure  of  the  crown  joint  was  largely  a 
matter  of  downward  forces  on  the  roof  portion  of 
the  front  panels,  combined  with  the  translational 
forces  tending  to  move  these  panels  to  the  rear 
(Fig.  6.65). 

The  heaviest  loads  were  applied  to  the  panels 
on  the  front  side  of  the  crown,  and  these  are  the 
panels  that  show  the  greatest  damage  and  the 


g.  6.62  Failure  of  Crown  Joint  in  Central  Two-thirds  of  Structure.  Joint  in  foreground  has  only 
moderate  damage;  damage  increases  in  panels  near  center  and  decreases  again  at  the  far  end. 
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most  movement  downward.  Had  the  failure  been 
caused  by  opposing  horizontal  thrusts,  most  of 
the  load  would  have  been  brought  in  through  the 
heavy  edge  beams,  with  resultant  crushing  of 
concrete  at  the  ends  of  these  beams  and  a  gen¬ 
eral  tendency  to  force  these  beams  up  and  over 
the  rear  panels.  However,  almost  the  opposite 
condition  resulted.  The  front  beams  were  forced 
downward;  the  rupturing  of  the  crown  ribs  indi¬ 
cates  that  high  forces  were  acting  in  the  vertical 
direction;  and  the  crown  joint  was  pulled  forward 
and  down  (Fig.  6.66).  After  failure  of  the  joint, 
the  assembly  bolts  between  panels  prevented 
further  downward  motion  of  the  center  panels  by 
transferring  the  forces  out  to  the  end  panels 
where  the  crown  joints  were  not  collapsed  and 
where  the  end  walls  furnished  considerable  re¬ 
straint. 

The  crushing  effect  of  the  pressures  com¬ 
pletely  enveloping  the  structure  caused  the  front 
and  rear  panels  to  telescope  together  at  the 
crown  after  the  crown  joint  was  destroyed.  This 
telescoping  reached  a  maximum  of  8  in.  at  the 
center  panels  (Fig.  6.67). 

6.3.8  Structure  3.2.4b  (Gable  Bent) 

(a)  General  Damage.  Structure  3.2.4b  suf¬ 
fered  practically  complete  collapse  of  the  end 
walls.  The  rear  and  center  panels  of  both  end 
walls  failed  and  were  hurled  to  the  center  of  the 
building.  The  front  panels  of  each  end  wall  were 
damaged  beyond  effective  use  but  were  still  in 
place  with  large  deflections.  The  front  panels 
received  medium  damage  in  those  panels  with 
the  ribs  outward.  One  of  these  panels  failed  in 
the  vertical  section.  The  panels  with  the  skin 
outward  were  not  damaged,  except  in  the  ribs, 
and  this  was  only  moderate.  The  rear  panels 
received  no  damage  except  light  cracking. 

(b)  Damage  to  Components.  The  panels  with 
the  ribs  outside  received  the  most  damage 
throughout  the  structure.  In  the  end-wall  panels 
the  skin  pulled  completely  away  from  the  center 
rib,  taking  with  it  the  %-in.  reinforcing  bar.  In 
several  cases  the  outer  portion  of  the  rib  and 
the  heavy  reinforcing  bar  remained  in  position. 
The  skin  of  the  center  and  rear  panels  of  both 
end  walls  failed  at  the  top  and  bottom  ribs.  The 
vertical  ribs  through  which  the  center  and  rear 
panels  of  each  end  wall  were  connected  failed  at 
the  top  and  at  the  bottom  of  the  panels.  The  pan¬ 
els  were  broken  as  they  were  hurled  and  hit  the 
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sections  coming  from  the  opposite  end  wall.  The 
front  end  panels  failed  in  a  similar  manner; 
however,  they  did  not  break  free  at  the  top  rib. 

The  five  right-hand  front-  and  rear- wall  pan¬ 
els  were  cast  with  the  ribs  outside.  In  the  front 
wall  these  panels  received  medium  damage  to 
the  vertical  section.  The  panel  nearest  the  end 
wall  received  the  least.  There  was  increased 
damage  to  panels  that  were  closer  to  the  center 
of  the  building.  The  fourth  panel  received  the 
greatest  damage.  The  ribs  in  the  roof  sections 
of  the  fourth  and  fifth  panels  failed  but  did  not 
collapse.  The  rear-wall  panels  received  only 
light  cracking  in  the  skins. 

The  wall  sections  which  had  the  ribs  inside 
received  only  light  damage.  In  the  front  wall  the 
ribs  at  the  first  fold  were  cracked  when  the  pan¬ 
els  tended  to  straighten  under  the  load.  The  skin 
in  these  sections  was  lightly  cracked.  The  rear 
wall  received  very  light  cracking  in  the  ribs  of 
the  panels  near  the  center  of  the  building. 

The  end-wall  foundations  were  cracked  near 
the  rear  third  point.  The  crack  was  about  */„  in. 
wide  at  the  surface,  decreasing  to  zero  about 
three-fourths  of  the  way  down  the  foundation.  A 
Vjj-in.  crack  was  found  near  the  center  of  the 
rear  foundation.  The  concrete  was  spalled  in 
front  of  the  left  front  panel,  where  the  keyed  toe 
of  the  panel  had  rotated. 

(c)  Response  History.  As  the  blast  struck  the 
front  wall,  the  skin  of  vertical  sections  of  those 
panels  with  ribs  outward  deflected  up  to  6  in. 

One  failed  when  deflected  about  7  in.  The  spill 
of  pressure  around  the  end  walls  released  the 
load  on  panels  nearest  the  end  walls,  thereby 
causing  less  local  damage  to  those  panels.  The 
structure  as  a  whole  deflected  about  4  in.  in  the 
horizontal  direction  at  the  center.  The  heavy 
deflection  and  the  roof  pressure  load  caused 
failure  of  the  roof  ribs  in  the  two  panels  with 
ribs  out  nearest  the  center.  Those  panels  with 
ribs  in  withstood  the  load  without  local  failures. 
The  pressure  on  the  front  wall  and  the  resist¬ 
ance  of  the  rear  wall  caused  the  top  of  the  front 
panels  to  tend  to  pitch  upward.  The  ribs  cracked 
at  the  first  fold  to  provide  a  hinge  for  the  move¬ 
ment. 

The  spill  of  pressure  from  the  front  wall 
caused  vortices  of  lower  pressure  at  the  front 
end  panels;  therefore  the  concentration  of  pres¬ 
sure  on  the  side  walls  when  the  structure  was 
enveloped  by  the  pressure  was  toward  the  rear 
of  center  of  the  end  walls.  The  vertical  ribs 
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Fig.  6.66  Crown  Failure  near  Center  of  Building,  Showing  Downward  and  Horizontal  Displacement  of 

Front  Panel 


Fig.  6.68  Horizontal  De flections,  Structure  3.2.4a.  No  significant  deflections  transverse  to  blast. 
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Fig.  6.71  Left -end-wall  Crack  Patterns,  Structure  3.2.4a.  Cracks  are  about  V««  in.  unless  marked. 
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through  which  the  center  and  rear  panels  of  the 
end  walls  were  connected  failed  at  the  base  rib 
and  deflected  inward.  The  skin  pulled  away  from 
the  center  ribs  of  each  end  panel,  taking  the  %- 
in.  reinforcing  bar  with  it.  The  severe  loading  of 
the  left  rear  panel  caused  the  panel  skin  to  fail 
along  a  horizontal  line  near  the  center;  only  the 
V*-in.  bar  held  the  two  halves  together. 

The  left  center  panel  failed  in  the  same  man¬ 
ner  about  4  ft  from  the  top;  the  pieces  were  en¬ 
tirely  separated.  This  panel  also  failed  and 
separated  along  the  vertical  center  line.  The 
left  rear  panel  and  the  rear  half  of  the  left  cen¬ 
ter  panel  were  forced  out  of  position,  hurling 
bottom  first  toward  the  center  of  the  building. 
The  rear  half  of  the  center  panel  was  on  the  bot¬ 
tom  of  the  debris  with  the  left  rear  panel  beside 
it.  The  top  4  ft  of  the  center  panel  fell  inward. 
The  rear  and  center  panels  of  the  right  end  wall 
failed,  bottom  first,  moved  inward,  collided  with 
the  left  end  panels,  and  fell  inside  face  upward, 
bottom  toward  the  center  of  the  building.  The 
front  part  of  the  left  center  panel  landed  on  top 
of  this  debris.  The  door  which  was  in  the  right 
center  panel  remained  bolted  to  the  vertical  rib 
of  the  center  panel.  This  panel  folded  along  the 
vertical  center  line.  The  right  rear  and  center 
panels  remained  attached  by  one  bolt. 

(d)  Methods  of  Failure.  Wall  panels  with  ribs 
on  the  outside  were  damaged;  however,  those 
with  ribs  on  the  inside  did  not  fail.  The  grada¬ 
tion  loading  on  the  front  wall  gave  a  step-by- 
step  picture  of  the  failure  of  a  wall  panel.  Fig¬ 
ures  6.77  and  6.78  show  the  last  two  steps,  the 
most  significant  in  the  series.  The  whole  group 
is  included  in  Fig.  6.79.  Figure  6.77  shows  how 
the  concrete  broke  away  from  the  rib  and  the 
skin  when  the  mesh  failed  plastically  at  its  an¬ 
chorage  to  the  rib.  At  this  point  the  mesh  is 
under  high  tension,  and  another  increment  of 
loading  would  have  resulted  in  failure  as  shown 
in  Fig.  6.78.  It  is  to  be  noted  that  the  rib  broke 
up  in  the  bottom  half  and  that  the  mesh  failed  in 
tension  in  the  top  half.  Since  the  bottom  half  was 
under  the  more  extreme  load,  it  is  assumed  that 
it  failed  first,  placing  an  eccentric  load  on  the 
mesh  in  the  top  half.  The  critical  section  there¬ 
fore  was  the  rib.  The  rib  concrete  broke  up 
around  the  connecting  bolts  and  the  V4-in.  rein¬ 
forcing  bar,  allowing  the  diaphragm  to  pull  free. 

The  two  ribs-outward  panels  nearest  the  cen¬ 
ter  of  the  building  failed  in  the  roof  section  as 
shown  in  Fig.  6.80.  The  heaviest  load  was  on 


these  center  panels.  The  restraint  of  the  rear- 
wall  panels  to  the  deflection  of  the  front-wall 
panels  caused  the  failure  in  these  roof  sections. 

Figure  6.81  shows  the  cracks  in  the  ribs  in 
the  front-wall  panels  at  the  lower  fold  line.  *The 
resistance  of  the  rear-wall  panels  caused  the 
front-wall  panels  to  tend  to  straighten,  the  top 
pitching  upward.  The  tension  steel  was  not  tied 
to  the  compression;  therefore,  in  attempting  to 
straighten,  it  caused  the  cracks  at  the  lower 
fold. 

The  center  rib  of  all  end  panels  failed  in  the 
same  manner.  This  failure  was  due  to  an  error 
in  engineering  detailing.  The  skin  was  not  tied 
to  the  rib  steel  except  through  concrete.  When 
the  skin  was  loaded,  the  concrete  failed  in  ten¬ 
sion  between  the  inner  and  outer  reinforcing 
bars,  leaving  the  outer  bar  and  the  concrete  in 
original  position  with  slight  deformation. 

The  rear  rib  of  the  center  panel  and  the  front 
rib  of  the  rear  panel  in  both  end  walls  failed  at 
the  top  and  bottom.  The  ribs  were  loaded  by  the 
skin  and  were  in  the  approximate  position  of 
maximum  end-wall  deflection.  There  was  no  tie 
between  the  steel  in  the  top  and  bottom  ribs  and 
the  vertical  ribs.  The  heavy  load  resulted  in 
large  deflections  which  caused  the  concrete  to 
break  up  at  the  panel  corners  and  allowed  the 
ribs  to  move  out  of  position. 

The  mesh  of  the  diaphragms  failed  at  the 
change  in  section,  in  most  cases,  at  the  ribs. 

All  mesh  was  necked  down  at  the  point  of  failure 
indicating  tension  failure. 

6.3.9  Structure  3.2.5  (Cylindrical  Arch) 

(a)  General  Damage.  The  end  walls  of  Struc¬ 
ture  3.2.5  were  blown  toward  the  building  inte¬ 
rior  (Fig.  6.88).  The  main  arch  shell  of  this 
structure  was  deformed  slightly  in  the  direction 
away  from  the  blast.  Cracking  was  extensive, 
but  no  failures  occurred.  The  front  side  of  the 
arch  flattened  out,  and  the  rear  side  bowed  in. 
The  foundation  was  undamaged,  and  little,  if  any, 
tilt  was  observed.  The  floor  panels  suffered  per¬ 
manent  downward  deformations  from  the  blast 
pressure  they  received  after  the  end  walls  had 
failed. 

(b)  Damage  to  Components.  The  arch  panels 
deformed  symmetrically  to  the  rear  at  the  cen¬ 
ter  points  in  amounts  up  to  1%  in.  in  the  hori¬ 
zontal  plane.  Good  coupling  between  panels 
caused  all  panels  lo  act  as  a  unit.  Response 
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Fig.  6.77  Interior  View  Showing  Diaphragm  Distortion  and  Concrete  Spalling  After  Loading 
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Fig.  6.79  Right  Front-wall  Panel  Deflections,  Structure  3.2.4b 


Fig.  6.80  View  Showing  Roof  Failure  in  Front -wall  Panel.  Intersection  at  left  is  transverse  center 

line  of  building. 


Interior  View  Showing  Cracks  in  Ribs  at  Lower  Fold  of  Left  Front  Wall 
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Fig.  6.86  Crack  Pattern,  Structure  3.2.4b.  Cracks  are  about  V«4  in.  unless  marked. 


UNCLASSIFIED 


/ 


QN3  IHOld 


'I 

\ 

( 

} 

ft 

( 

It 

/ 

■ 

?  ( 

c r 
o 
tr 

UJ 

»- 

z 


< 

* 


q: 

< 

UJ 

a: 


0N3  1331 


ob 

u. 


UNCLASSIFIED 


* 


within  panels  depended  on  the  type  of  panel. 
Panels  with  skin  out  and  ribs  in  exhibited  the 
greatest  strength,  and  few  cracks  or  spalls  were 
found  in  this  type  of  panel.  Panels  with  skin  in 
were  decidedly  weaker  because  of  the  greater 
span  of  membrane  and  less  edge  restraint. 

These  panels  cracked  considerably  at  the  junc¬ 
tion  of  skin  and  ribs  and  also  within  the  subpanel 
itself.  The  special  panels  without  horizontal 
bracing  ribs  suffered  no  more  damage  than  the 
panels  with  horizontal  bracing.  Anchor-bolt 
connections  and  connections  between  panels 
were  adequate;  no  failures  were  found. 

The  center  and  rear  panels  of  both  end  walls 
failed  completely  and  were  displaced  into  the 
building.  The  two  end  walls  failed  similarly,  and 
corresponding  fragments  were  moved  approxi¬ 
mately  equal  distances,  indicating  that  failure 
occurred  approximately  simultaneously.  On  both 
end  walls  the  front  panel  retained  its  attachment 
to  the  arch  shell,  although  it  was  badly  damaged 
with  much  spalling  and  with  connections  nearly 
severed  (Fig.  6.89).  Those  panels  which  became 
entirely  detached  severed  in  a  horizontal  line 
near  the  center  of  the  panel  and  at  the  point 
where  the  skin  joins  the  rib.  In  all  cases  the 
mesh  failed  in  tension.  Generally  the  ribs  re¬ 
tained  attachment  to  the  arch  shell.  In  some 
cases  the  bottom  ribs  broke  loose  from  the  an¬ 
chor  bolts.  The  vertical  center  rib  in  the  front 
panels  of  the  end  walls  separated  from  the  rest 
of  the  panel.  This  doubled  the  span  of  the  skin 
and  reduced  its  resistance  to  moment  by  a  fac¬ 
tor  of  4. 

(c)  Response  History.  The  end  walls  were 
blown  in  early  in  the  response  history  as  indi¬ 
cated  by  the  somewhat  even  deformation  of  the 
arch  shell  to  the  rear.  However,  the  front  wall 
of  the  arch  was  somewhat  restrained  by  the  front 
panel  in  each  end  wall  remaining  in  place.  Vor¬ 
tex  action  is  believed  to  have  reduced  the  pres¬ 
sure  on  these  front  panels.  Some  pressure 
equalization  between  building  interior  and  exte¬ 
rior  occurred  after  the  end  walls  failed,  tending 
to  reduce  the  deflection.  On  the  other  hand,  the 
failure  of  the  shear  or  end  walls  tended  to  in¬ 
crease  the  deflection.  With  the  exception  of  the 
end  walls,  this  building  responded  excellently 
under  dynamic  loading. 

(d)  Methods  of  Failure.  With  the  exception  of 
tension  cracks  in  skin  and  ribs  of  some  of  the 
arch  panels  and  some  spalling  at  the  panel  edges 


(Fig.  6.91),  all  failures  in  this  building  were  con¬ 
fined  to  the  end  walls. 

The  end-wall  failure  cannot  be  considered  too 
meaningful  because  the  panels  were  erected  with 
the  weak  side  out.  The  heavy  reinforcing  nor¬ 
mally  designed  as  tension  steel  was  thus  on  the 
compression  face  (Fig.  6.92).  Placed  in  this 
position,  the  vertical  center  rib  of  each  panel  of¬ 
fered  only  the  strength  of  concrete  in  tension  to 
the  over-all  panel  strength.  Once  the  skin  broke 
away  from  the  rib,  the  panel  was  very  weak  in 
resistance  to  moment.  Concrete  tension  failures 
also  occurred  at  the  bolts  in  the  outer  rib.  Re¬ 
versed,  the  panels  would  have  been  several  times 
stronger  in  bending,  the  primary  cause  of  fail¬ 
ure,  and  might  well  have  survived. 

6.3.10  Structure  3.2.6  (Dome) 

(a)  General  Damage.  Structure  3.2.6  withstood 
the  loading  without  damage.  Taping  at  the  inter¬ 
sections  showed  slight  displacement  of  panels 
relative  to  each  other.  No  large  portion  of  the 
earth  cover  was  blown  away,  but  rather  the  mid¬ 
dle  section  of  earth  was  thrown  out  and  down, 
exposing  some  of  the  B-ring  panels.  The  door 
was  slightly  dished  near  the  rear  edge,  but  it 
was  easily  removed.  The  wing  walls  were  un¬ 
damaged. 

(b)  Damage  to  Components.  There  were  some 
cracks  and  some  spalling  at  all  intersections  of 
the  top  of  the  D-ring  and  bottom  of  the  C-ring. 

At  the  base  of  the  D-ring  there  was  some  spall¬ 
ing  at  corners  in  the  panels  opposite  the  wing 
walls.  There  were  very  few  spalls  or  cracks  in 
the  other  panels.  The  floor  was  cracked  in  a 
semiring  opposite  the  wing  walls.  Two  cracks 
led  from  the  ring  to  D-ring  panel  intersections. 

(c)  Response  History.  The  impact  was  atten¬ 
uated  by  the  earth  cover  before  striking  the 
structure.  The  impact  caused  the  structure  to 
vibrate,  throwing  off  the  earth  cover  in  the  mid¬ 
dle  section. 

(d)  Methods  of  Failure.  Failure  in  the  panels 
of  this  structure  was  limited  to  a  plastic  change 
at  some  joints.  Irregularities  in  casting  and 
shrinkage  caused  the  panels  to  bear  on  each 
other  at  the  corners.  Further,  column  action  of 
the  ribs  in  the  vertical  plane  during  vertical  de¬ 
flection  and  of  the  ribs  in  the  horizontal  plane 
during  wracking  caused  plastic  strains  at  the  in¬ 
tersections. 
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Fig.  6.90  Response  History  of  End  Walls  of  Structure  3.2.5 
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Fig.  6.92  Steel  in  End-wall  Panel,  Structure  3.2.5 
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DEFORMATION  SCALE 


Fig.  6.96  Arch  Deformation,  Structure  3.2.5 


Pattern.  Structure  3.2.5.  Panels  are  flattened.  Cracks  are  about 
7*4  in.  unless  otherwise  marked. 


The  vertical  load  on  the  foundation  caused  the 
foundation  to  settle  slightly  and  crack  away  from 
the  floor  mat.  This  action  occurred  on  the  side 
opposite  the  wing  walls.  Cracks  also  formed 
from  intersections  to  the  floor  mat  to  take  up 
differential  settlement.  The  increased  founda¬ 
tion  area  on  the  wing-wall  side  resisted  the  load 
without  settling. 

6.3.11  Structure  3.2.7a  (Conventional  Poured 
in  Place) 

(a)  General  Damage.  Structure  3.2.7a  was  de¬ 
stroyed  with  the  end  walls  and  rear  wall  still 
standing.  The  front  wall  failed  inwardly,  taking 
small  sections  of  the  end  walls  with  it.  The 
stringers  and  girder  of  the  roof  failed;  the  bot¬ 
tom  tension  bars  separated  completely.  The 
roof  collapsed  and  was  pulled  away  from  the  end 
walls.  Both  columns  failed  at  the  base.  The  end 
walls  were  deflected  outward  about  12  in.  The 
rear  wall  was  deflected  inward  about  2  ft  at  the 
center  along  the  roof. 

( b )  Damage  to  Components.  On  initial  impact 
the  front  wall  deflected  and  then  failed  along  a 
vertical  line,  each  section  to  the  left  of  center. 

As  deflection  increased,  there  was  failure  along 
the  base  and  at  the  root. 

The  untied  bottom  tension  bars  in  the  stringers 
dropped  away.  The  roof  failed  along  the  stringer 
lines.  The  end-wall  connections  failed,  and  the 
top  tension  bars  of  the  stringers  pulled  out,  per¬ 
mitting  the  roof  to  drop.  The  girder  failed  near 
the  end  of  the  top  tension  bars  at  the  rear  end 
and  at  the  column  face  on  the  front  end.  Both 
columns  failed  at  the  base. 

The  end  walls  failed  about  2  ft  from  the  front 
wall.  The  2-ft  section  remained  attached  to  the 
front  wall.  The  left  end  wall  developed  severe 
shear  stresses  with  localized  failure  near  the 
bottom  rear  corner  and  the  bottom  corner  in 
front  of  the  door. 

The  rear  wall  deflected  at  the  roof  before  the 
rear  column  failed.  When  the  column  failed,  the 
rear  wall  deflected  farther,  but  it  remained 
standing. 

(c)  Response  History.  As  the  blast  wave 
struck  the  front  wall  of  the  building,  both  front 
sections  deflected  to  failure.  Total  deflection  at 
failure  was  30  to  36  in.  at  the  center  of  the  right 
section.  Each  section  failed  in  tension  on  a  ver¬ 
tical  line  about  3  ft  to  the  left  of  the  canter  of 


the  section.  As  the  sections  deflected  farther, 
failure  occurred  along  the  base  and  along  the 
roof.  Extreme  deflections  of  the  front  wall  and 
bending  action  about  the  vertical  corners  caused 
failure  of  a  narrow  section  of  the  side  walls  near 
each  front  corner. 

When  the  roof  was  loaded,  the  untied  bottom 
tension  bars  in  the  stringers  broke  away  and 
dropped  to  the  floor.  As  the  roof  deflected  under 
the  load,  it  failed  along  the  stringer  lines.  The 
roof  separated  from  the  side  walls,  and  the  top 
tension  bars  of  the  stringers  pulled  free,  staying 
with  the  side  walls.  The  girder  failed  at  both 
ends.  At  the  rear  it  failed  in  diagonal  tension;  at 
the  front  it  failed  in  tension  at  the  face  of  the 
column. 

As  the  roof  was  collapsing,  the  rear  wall  was 
loaded,  and  each  half  deflected,  the  maximum 
being  at  the  root  line.  During  roof  failure  both 
the  front  and  rear  columns  failed  at  the  base. 

The  rear  wall  then  deflected  a  maximum  at  the 
center  along  the  roof  line. 

(d)  Methods  of  Failure.  The  front  wall  and 
both  end  walls  failed  at  the  roof  in  the  same 
manner.  The  6-in.  hook  of  the  wall  reinforcing 
bars  pulled  out  of  the  roof  concrete;  the  same 
length  of  root  bars  pulled  out  of  the  wall  con¬ 
crete. 

The  front  wall  failed  along  the  base  at  the  time 
of  maximum  deflection.  The  reinforcing  bars 
were  necked  down,  indicating  tension  failure  of 
the  reinforcing  steel  due  to  moment  developed 
at  the  section  or  translational  force  tending  to 
move  the  wall  inward. 

Each  section  of  the  front  wall  failed  in  a  ver¬ 
tical  line  by  tension  failure  of  the  reinforcing 
steel.  The  face  of  the  front  wall  was  badly 
spalled,  indicating  ihat  high  stress  occurred  in 
the  compression  face.  „ 

Both  side  walls  failed  near  the  front  wall. 

When  the  wall  deflected,  the  corner  connection 
held,  placing  a  high  moment  in  the  leading  edge 
of  the  side  wall.  The  side  wall  failed;  however, 
the  steel  held  and  bent  around  to  permit  the 
corner  and  side-wall  section  to  rotate  into  the 
building. 

The  left  side  wall  failed  in  shear  near  the 
bottom  rear  corner  and  the  bottom  corner  in 
front  of  the  door  (Fig.  6.102).  This  side  wall 
acted  as  a  deep  girder  with  concentration  of 
stresses  at  the  locations  of  failure.  Note  the 
sharp  jagged  spall  and  crack  lines. 
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Both  end  walls  deflected  outward  as  a  result 
of  the  high  moments  developed  in  the  walls  dur¬ 
ing  front-  and  rear-wall  deflections. 

When  the  roof  girder  deflected,  the  bottom 
tension  bars  were  resisting  the  movement. 

Since  they  were  not  restrained  at  the  ends  and 
the  deflection  was  appreciable  throughout  the 
entire  length,  the  concrete  failed  at  the  ends  of 
the  bars  in  tension  and  along  the  length  in  hori¬ 
zontal  shear.  The  rear  end  of  the  girder  failed 
in  diagonal  tension  at  the  end  of  the  top  tension 
bars.  The  front  end  of  the  girder  failed  in  ten¬ 
sion  at  the  column  face. 

The  bottom  tension  steel  of  the  roof  beams 
failed  in  the  same  manner  as  in  the  girder,  ex¬ 
cept  that  the  tension  bars  dropped  completely 
away.  The  haunch  concrete  stayed  with  the  roof 
when  it  collapsed,  leaving  a  hole  in  the  end  walls 
and  leaving  the  top  tension  steel  in  the  end  walls. 

The  front  column  failed  because  of  bending  at 
the  base.  The  rear  column  failed  because  of  a 
vertical  compression  and  a  moment  load  at  the 
base.  The  concrete  spalled  away,  allowing  the 
steel  to  fold. 

The  roof  failed  along  the  stringer  lines,  prob¬ 
ably  owing  to  a  concentration  of  stresses  at  the 
change  in  section.  The  concrete  spalled  away 
from  the  steel,  allowing  the  steel  to  bend. 

6.3.12  Structure  3.2.7b  (Conventional  Poured 
in  Place) 

(a)  General  Damage.  Structure  3.2.7b  sus¬ 
tained  very  heavy  damage  to  the  roof,  but  the 
walls  remained  basically  in  a  serviceable  con¬ 
dition,  with  some  permanent  deformation. 

(b)  Damage  to  Components.  The  light  stringer 
beams  of  the  roof  failed  completely,  and  the  roof 
slab  itself  then  resisted  the  entire  load,  this  ac¬ 
tion  causing  large  downward  deflections  of  the 
roof,  extensive  cracking,  and  localized  loss  of 
concrete.  Replacement  of  the  roof  would  be  re¬ 
quired  to  rehabilitate  the  structure.  The  trans¬ 
verse  roof  girder  rotated  at  the  haunches  and 
failed  at  a  point  about  one-third  of  its  span  from 
the  front  wall,  with  complete  cleavage  of  the 
concrete  and  sharp  bending  of  the  tension  steel 
at  this  location.  The  girder,  however,  remained 
in  place  in  its  deflected  position  and  continued 
to  support  the  roof  slab.  The  front  and  rear 
walls  were  both  deflected  inward  to  a  maximum 
of  about  3  in.  at  the  roof  level;  moderate  crack¬ 
ing  of  concrete  occurred  in  both  walls,  but  they 


remained  structurally  serviceable.  Both  end 
walls  were  bowed  outward,  with  a  maximum 
permanent  deflection  of  about  1%  in.  at  the  top 
center  of  each  wall.  As  in  the  case  of  the  side 
walls,  moderate  cracking  of  the  concrete  oc¬ 
curred,  but  the  end  walls  remained  structurally 
serviceable.  The  steel  door  was  undamaged  and 
was  easily  opened. 

(c)  Response  History.  As  the  shock  front 
reached  the  front  wall,  each  half  of  the  wall  be¬ 
gan  to  deflect  inward,  acting  as  a  diaphragm 
well  supported  on  three  sides  and  lightly  sup¬ 
ported  on  the  fourth  (the  roof).  Support  along  the 
vertical  edges  was  provided  by  one  end  wall  and 
by  the  center  monolithic  bent.  Support  along  the 
horizontal  edges  was  provided  at  the  base  by  a 
keyed  construction  joint  and  anchorage  of  wall 
steel  into  the  foundation,  and  at  the  roof  by  the 
3 -in.  roof  slab.  This  latter  support  probably 
was  effective  in  the  initial  stages  of  the  deflec¬ 
tion,  but,  as  soon  as  the  roof  was  loaded  and  be¬ 
gan  to  deflect,  the  value  of  its  support  for  the 
front  wall  was  reduced  to  a  small  amount.  As  a 
result  of  this  action  the  maximum  permanent 
deformation  of  the  front  wall  occurred  at  the 
roof  line  and  reached  a  value  of  about  3  in. 

As  the  shock  wave  passed  across  the  roof,  it 
caused  a  downward  deflection  of  the  roof,  and 
the  longitudinal  stringers  supporting  the  roof 
slab  failed  in  diagonal  tension  near  the  beam 
haunches.  After  the  beams  failed  at  the 
haunches,  the  lower  portions  of  each  beam  sepa¬ 
rated  from  the  upper  portion  because  of  the  hori¬ 
zontal  shear  developed  and  fell  to  the  ground. 

The  roof  slab  then  acted  as  two  diaphragms,  each 
supported  on  four  sides.  Support  was  provided 
by  the  two  side  walls,  one  end  wall,  and  the  main 
transverse  roof  girder.  The  large  span  (20  ft) 
of  these  slabs  allowed  very  large  deflections  of 
the  order  of  2  or  3  ft  to  occur. 

The  roof  girder  received  loads  from  both  the 
roof  slabs  and  the  compressive  action  of  the  two 
side  walls  due  to  the  general  crushing  effect  of 
the  pressure  wave  after  it  had  enveloped  the 
structure.  These  loads  caused  the  girder  to  de¬ 
flect  to  a  considerable  extent,  with  an  accompany¬ 
ing  rotation  of  the  haunches  at  the  front  and  rear 
walls.  This  rotation  produced  large  cracks  along 
the  outside  faces  of  the  walls  at  the  haunch  loca¬ 
tions.  Local  sections  of  the  walls  bent  inward 
with  each  haunch,  and  the  steel  in  the  tension 
faces  of  the  haunches  elongated  considerably 
during  the  rotation.  At  the  junction  of  the  rear 
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Fig.  6.103  Deflection  of  Rear  Wall,  Structure  3.2.7a 
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»  Fig.  6.104  Deflection  of  End  Wall*.  Structure  3.2.7a.  Deflections  (given  in  feet)  are  outward. 
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Fig.  6.106  Rear -wall  Crack  Pattern,  Structure  3.2.7a 
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haunch  and  its  pilaster,  there  was  a  definite 
crushing  of  the  concrete  that  was  in  compres¬ 
sion.  The  maximum  deflection  of  the  girder  was 
about  2  ft.  Localized  sections  of  the  roof-slab 
concrete  broke  out  along  both  the  girder  and 
some  of  the  longitudinal  beams,  and  rather 
sharp  bends  in  the  roof  occurred  at  these  loca¬ 
tions.  The  slab  and  girder,  however,  remained 
in  their  deformed  positions  and  did  not  dislodge. 

When  the  shock  wave  reached  the  rear  wall,  it 
caused  a  dishing  of  each  of  the  two  wall  sections 
which  was  almost  identical  in  shape  and  magni¬ 
tude  with  that  occurring  on  the  front  wall.  The 
pressure  acting  on  the  rear  wall  was  appreciably 
less  than  that  on  the  front  wall;  so  the  equal  de¬ 
flections  are  probably  due  to  the  fact  that  the 
roof  had  already  deflected  considerably  by  the 
time  the  load  reached  the  rear  wall,  and  practi¬ 
cally  no  support  was  afforded  along  the  upper 
edge  of  the  wall. 

Side-on  pressure  acting  on  the  end  walls  was 
insufficient  to  overcome  the  outward  bowing  ef¬ 
fect  created  by  the  general  inward  crushing 
forces  acting  on  the  front  and  rear  walls.  This 
latter  action  apparently  caused  the  end  walls  to 
act  as  struts  between  the  front  and  rear  walls, 
with  the  column  action  producing  the  outward 
deformations.  The  attempt  of  the  front  and  rear 
walls  to  rotate  the  corners  of  the  end  walls  out¬ 
ward  undoubtedly  contributed  to  the  direction 
that  the  deformation  assumed. 

(d)  Methods  of  Failure.  Failures  in  this 
structure  were  limited  to  the  roof  framing, 
where  two  types  of  failure  occurred:  One  was 
the  complete  failure  of  the  longitudinal  stringer 
beams  of  the  roof  (Fig.  6.107);  the  other  was  the 
partial  failure  of  the  main  roof  girder  and  its 
haunches  (Fig.  6.108). 

The  walls  and  the  roof  slab  proper  responded 
approximately  as  predicted  by  the  basic  analy¬ 
sis.  The  stringer  beams  failed  at  each  haunch 
in  diagonal  tension  combined  with  vertical 
shear  (Fig.  6.109).  There  was  an  insufficient 
lap  of  reinforcing  steel  at  the  haunch  to  carry 
the  stresses  from  the  beam  into  the  haunch. 
Figure  6.109  shows  that  the  beam  failed  cleanly 
through  concrete  only,  following  about  a  45°  an¬ 
gle  along  a  plane  connecting  the  stub  ends  of  the 
top  and  bottom  steel  at  these  locations.  See 
Sec.  B-B  of  Fig.  D.19  for  the  detail  of  this  steel 
reinforcing. 


After  the  beams  had  failed  at  the  haunches, 
the  continued  deflection  of  the  roof  slab  and  of 
the  main  portion  of  the  stringer  beams  (now 
held  to  the  roof  slab  only  by  tension  in  the  con¬ 
crete)  caused  horizontal  shear  to  develop  in  the 
beams.  This  action  broke  the  bond  of  the  steel 
and  sheared  the  concrete  at  that  section,  allow¬ 
ing  the  lower  portions  of  the  beam  to  fall  to  the 
ground.  The  tension  that  was  developed  in  a 
vertical  direction  through  the  beam  owing  to  the 
bending  action  must  also  have  contributed  to 
this  latter  failure,  so  that  it  became  a  combina¬ 
tion  of  pure  tension  and  horizontal  shear  on  the 
same  section. 

The  main  transverse  roof  girder  apparently 
failed  because  of  rotation  at  its  haunches.  The 
knee  of  the  haunch  was  not  strong  enough  to 
carry  the  stresses  that  were  brought  to  it  by  the 
girder.  Both  the  front  and  rear  haunches  failed 
in  a  similar  manner,  although  at  the  front  haunch 
the  tension  steel  extending  down  into  the  pilaster 
column  broke  its  bond  and  pulled  up  (Fig.  6.110), 
whereas  at  the  rear  haunch  the  steel  elongated 
without  pulling  loose,  and  the  concrete  on  the 
underside  of  the  haunch  was  crushed  (Figs. 

6.111  and  6.112). 

The  girder  itself  developed  a  diagonal  shear 
failure  at  the  third  point  nearest  the  front  wall. 
The  exact  mechanics  of  this  failure  are  not 
clear  since  the  rupture  could  have  occurred  be¬ 
cause  of  excessive  loading  of  the  beam  in  the 
normal  manner,  or  it  could  have  been  the  result 
of  a  column  type  failure  due  to  the  compressive 
axial  load  when  the  structure  was  enveloped  by 
pressure.  This  latter  condition  certainly  caused 
the  beam  to  assume  its  final  position  (Fig.  6.122). 


6.4  STRUCTURAL  RESPONSE  (RECORDED) 

Transient  displacement  measurements  are 
given  in  Table  6.1,  which  presents  gauge,  loca¬ 
tion,  displacement  value,  and  information  as  to 
whether  or  not  this  was  a  peak  value.  Deflection 
gauge  readings  which  did  not  reach  a  peak  are 
primarily  attributed  to  failure  of  the  element  or 
cable  failure  caused  by  excessive  deflection  or 
flying  debris.  Acceleration  measurements  are 
not  given  here,  since  they  are  primarily  of  value 
in  the  detailed  analysis. 


Deflection  of  Main  Transverse  Roof  Girder.  Lower  sections  of  the  small  longitudinal  stringer 
beams  are  lying  on  the  ground  below  the  beams. 


Tension  Failure  of  Stringer  Beams  at  the  Haunches 
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Inward  Rotation  of  Haunch  at  Rear  Wall.  Concrete  on  underside  of  haunch  is  crushed. 
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Fig.  6.116  Wall  Deflections  at  Sections  Shown  in  Fig.  6.115,  Structure  3.2.1b 
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-wall  Deflection  Pattern,  Structure  3.2.7b.  Deflections  (given  in  feet)  are  outward. 
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Fig.  6.118  Crack  Pattern.  Structure  3.2.7b 
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TABLE  6.1  MAXIMUM  DISPLACEMENTS 


Gauge 

Location 

Value  (in.) 

D-l 

Structure  3.2.2a 

Center  right  front  wall;  center  foundation 

10.6 

D-2 

Front  right  bent;  rear  foundation 

0.59  (peak) 

D-3 

Center  roof;  rear  foundation 

4.37  (peak) 

D-4 

Center  roof;  front  foundation 

1.86  (peak) 

D-5 

Center  bent;  center  foundation 

0.64  (peak) 

D-l 

Structure  3.2.2b 

Center  roof;  rear  foundation 

5.8  (peak) 

D-2 

Center  roof;  front  foundation 

3.0  (peak) 

D-3 

Center  front  wall;  center  foundation 

2.1 

D-l 

Structure  3.2.3a 

Center  roof;  front  foundation 

2.0  (peak) 

D-2 

Center  roof;  rear  foundation 

3.3 

D-3 

Top  center  front  wall;  rear  foundation 

7.9 

D-4 

Center  right  front  wall;  center  foundation 

9.0 

D-l 

Structure  3.2.3b 

Center  roof;  rear  foundation 

7.9  (peak) 

D-2 

Center  roof;  front  foundation 

1.65 

D-3 

Top  center  front  wall;  rear  foundation 

8.0 

D-4 

Center  right  front  wall;  center  foundation 

8.7 

D-l 

Structure  3.2.4a 

Left  end  roof;  front  foundation 

0.56  (peak) 

D-2 

Left  end  roof;  rear  foundation 

-0.12  (peak) 

D-3 

Center  roof;  front  foundation 

0.90  (peak) 

2.2  (peak) 

D-4 

Front  roof;  center  foundation 

-0.52  (peak) 

D-5 

Center  roof;  rear  foundation 

0.25  (peak) 
-1.52  (peak) 

NG 

D-l 

Structure  3.2.4b 

Right  end  roof;  front  foundation 

1.9 

D-2 

Right  end  roof;  rear  foundation 

2.6 

D-3 

Left  front  fold;  rear  foundation 

5.3 

D-7 

Right  front  fold;  rear  foundation 

5.6  (peak) 

D-8 

Right  front  roof;  center  foundation 

1.25  (peak) 

D-9 

Right  roof;  front  foundation 

1.85 

D-10 

Right  roof;  rear  foundation 

-0.75  (peak) 

0.55  (peak) 
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TABLE  6.1  (Continued) 


Gauge  Location  Value  (in.) 


Structure  3.2.5 


D-l 

Left  end  peak;  front  foundation 

2.2 

D-2 

Left  end  peak;  rear  foundation 

0.1 

D-3 

Left  peak;  front  foundation 

3.8 

(peak) 

D-4 

Left  peak;  rear  foundation 

0.8 

(peak) 

-0.5 

(peak) 

0.6 

(peak) 

D-5 

Left  front  center;  center  foundation 

2.8 

(peak) 

D-6 

Left  rear  center;  center  foundation 

1.8 

(peak) 

D-9 

Right  front  center;  center  foundation 

2.3 

(peak) 

Structure  3.2.6 

D-l 

Left  B-ring;  center  floor 

0.72 

(peak) 

D-2 

Right  B-ring;  center  floor 

0.7 

(peak) 

D-3 

Front  C-ring;  center  floor 

1.08 

(peak) 

D-4 

Front  B-ring;  center  floor 

0.88 

(peak) 

D-5 

Peak;  center  floor 

0.9 

(peak) 

D-6 

Rear  B-ring;  center  floor 

0.6 

(peak) 

Structure  3.2.7a 

D-l 

Middle  center  column;  rear  two-thirds 

0.75 

(peak) 

foundation 

D-2 

Center  right  front  wall;  rear  two-thirds 

7.8 

foundation 

Structure  3.2.7b 

D-l 

Middle  center  column;  rear  two-thirds 

-0.1 

(peak) 

foundation 

0.63 

(peak) 

-0.55 

(peak) 

D-2 

Center  right  front  wall;  rear  two-thirds 

1.4 

(peak) 

foundation 
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Chapter  7 

Discussion  of  Results 
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7.1  COMPARISON  OF  TEST  RESULTS  WITH 
PRETEST  PREDICTIONS 

The  discussions  in  this  chapter  are  based 
upon  preliminary  studies  and  investigations. 
Although  the  complete  postshot  structural  analy¬ 
sis  is  not  ready  for  inclusion  in  this  report,  all 
the  test  structures  will  eventually  be  analyzed 
and  the  results  published.  The  complete  post¬ 
shot  analysis  for  Structures  3.2.4b  and  3.2.5  is 
included  In  Sec.  7.3. 

7.1.1  Loading 

As  mentioned  in  Chap.  2,  certain  simplified 
assumptions  were  made  regarding  structural 
loading.  Some  of  these  assumptions  were  found 
to  be  valid;  others  require  modification. 

Table  7.1  presents  a  comparison  of  predicted 
and  observed  loading  data.  The  measured  yield 
of  46.7  kt  was  not  sufficiently  different  from  the 
predicted  yield  of  50  kt  to  account  for  the  ap¬ 
preciable  variations  in  the  side-on  pressures,  ‘ 
the  ^46.7/50.0  equaling  0.977. 

(a)  Reflection  Factors.  The  observed  re¬ 
flection  factors  were  also  less  than  predicted. 
This  disparity  may  be  rationalized  as  follows: 

1.  A  reduced  reflection  factor  would  be  ex¬ 
pected  under  the  lesser  overpressures  observed. 

2.  Theoretical  reflection  factors  are  based  on 
a  true  shock,  i.e.,  one  which  rises  to  the  peak 
pressure  almost  instantaneously.  However,  ap¬ 
preciable  rise  times  were  observed  —  up  to 

46  msec  at  2400  ft.  Apparently,  beyond  4000  ft 
the  blast  rearranged  itself  into  more  of  a  “text¬ 
book”  form.  This  accounts  for  the  closer  cor¬ 
relation  between  predicted  and  actual  reflection 
factors  at  6950  ft.  Also,  at  this  range  the  over¬ 
pressure  was  as  predicted.  Fortunately  the  fac¬ 
tor  of  2  used  in  the  Navy  analysis  was  close  to 


that  observed.  This  would  not  have  been  the 
case  had  a  true  shock  existed.  It  may  be  con¬ 
cluded  that  predicted  reflection  factors,  in  ad¬ 
dition  to  being  based  on  shock  strength  and  angle 
of  incidence,  must  also  be  related  to  the  rise 
time. 

3.  On  Structure  3.2.2b,  a  reflection  factor  of 
1.54  was  observed,  whereas  a  value  of  2.55  was 
predicted.  It  is  believed  that  the  considerable 
lateral  movement  of  the  front  wall  may  have  re¬ 
duced  the  factor.  In  other  words,  something  less 
than  an  infinitely  rigid  reflection  surface  was 
available.  It  will  manifestly  be  very  difficult  to 
correlate  the  velocity  of  a  reflecting  surface 
with  the  expected  reflection  factor. 

(b)  Durations.  The  durations  used  in  the  pre¬ 
shot  analysis  (Fig.  2.1)  were  taken  directly  from 
Fig.  3.13e  on  page  54  of  "The  Effects  of  Atomic 
Weapons.”  This  curve  is  based  on  a  nominal 
bomb.  These  times  should  have  been  multiplied 
by  /50/20  =  1.37  to  extrapolate  to  50  kt. 

(c)  Rise  Time.  Table  7.1  shows  a  rise  time 
of  46  msec  at  2400  ft,  39  msec  at  2640  ft,  12 
msec  (average)  at  3630  ft,  and  3  msec  at  6950  ft. 
The  finite  time  of  rise  seems  to  be  related  to  the 
double  pressure-wave  generation  from  the  ex¬ 
plosion.  The  second  wave  has  a  higher  velocity 
than  the  first,  which  results  in  its  catching  up 
and  coalescing  with  the  first  at  some  range  be¬ 
tween  3630  and  6950  ft.  It  is  believed  that  the 
rise  time  is  a  function  of  the  separation  between 
these  two  pressure  waves. 

On  structural  elements  whose  natural  period 
is  considerably  in  excess  of  the  blast  rise  time, 
it  may  still  be  sufficiently  accurate  to  assume 
an  instantaneous  rise  time  when  computing  re¬ 
sponse.  However,  a  serious  error  may  result 
in  the  case  of  smaller  members  whose  natural 
period  may  actually  be  less  than  the  time  of  rise. 
This  is  true  of  the  subpanels  of  Structure  3.2.2a. 


TABLE  7.1  LOADING  COMPARISON* 
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Here  it  is  necessary  to  use  a  pressure-vs-time 
curve  with  a  10-msec  rise  time  in  order  to  ob¬ 
tain  proper  estimates  of  deflection.  Failure  to 
do  this  results  in  estimates  of  deflection  far  in 
excess  of  those  observed. 

(d)  Asymmetry.  It  has  been  assumed  that  the 
blast  would  propagate  uniformly  in  all  quadrants. 
Program  1  results  on  two  blast  lines  indicate 
discrepancies.  However,  this  effect  will  probably 
remain  indeterminate  as  far  as  assumed  loading 
for  structural- response  calculations- is  concerned. 

(e)  Decay  Assumptions.  Chapter  2  presents 
certain  general  assumptions  for  the  manner  in 
which  the  shock  decays  after  its  initial  rise.  In 
most  cases  the  slow  rise  time  modified  the  load¬ 
ing  pattern  sufficiently  to  make  difficult  a  check 
on  the  general  validity  of  these  assumptions.  In 
cases  where  there  was  a  sharp  rise,  as  in?Figs. 
6.6,  6.11,  and  6.12,  a  comparison  can  be  made. 

The  predicted  front-wall  loading  curves  seem 

to  be  reasonably  good.  With  some  modification 
of  reflection  factors,  they  stand  as  sufficiently 
accurate. 

The  roof  pressures  decayed  less  rapidly  than 
predicted  by  the  two-dimensional  shock-tube 
experiments.  Apparently  the  action  of  vortices 
is  less  prominent  in  three  dimensions  than  in 
two.  A  decay  to  V3P0  in  time  tx  in  Fig.  2.3  is 
recommended  as  being  closer  to  observed  values. 

Rear -wall  pressures  were  also  slightly  higher 
than  predicted.  Using  the  full  p0  rather  than  V3 
p0  in  Fig.  2.4  would  give  a  more  conservative 
loading  estimate. 

(f)  Conclusions  on  Loading.  The  following  con¬ 
clusions  regarding  loading  seem  to  be  valid. 

1.  The  reflection  factor  is  a  function  of  the 
time  of  rise. 

2.  The  assumption  that  duration  of  loading 
must  be  scaled  to  the  yield  is  confirmed. 

3.  Shock-tube  predictions  of  pressures  for 
roof  and  rear  walls  of  a  rectangular  structure 
are  low,  whereas  the  predictions  for  front  walls 
are  quite  good. 

4.  Rise  time  is  an  important  factor  in  com¬ 
puting  the  response  of  members  with  high  natural 
frequencies. 

7.1.2  Response 

The  variations  in  predicted  and  observed  load¬ 
ing  curves  make  it  difficult  to  assess  pretest 
predictions  for  response.  In  order  to  draw  firm 
conclusions,  it  is  necessary  to  recalculate  the 


deflections  in  accordance  with  the  actual  loading. 
This  is  done  for  Structures  3.2.4b  and  3.2.5  in 
Sec.  7.3.  It  is  possible  to  observe  obvious  criti¬ 
cal  points  on  the  structural  design,  however,  as 
discussed  in  Sec.  7.2. 

In  general,  where  the  difference  between  ob¬ 
served  and  predicted  loading  was  not  too  great 
and  where  connections  were  adequate,  deforma¬ 
tions  of  structural  elements  fell  within  the  pre¬ 
dicted  range.  The  allowable  10  per  cent  deforma¬ 
tion  criterion  is  apparently  valid  for  relatively 
ductile  members.  It  would  probably  have  to  be 
reduced  for  structural  elements  more  rigid  than 
those  used  in  the  Navy  test  structures. 

7.1.3  Structure  3.2.1a 

As  explained  in  Appendix  C,  Structure  3.2.1a 
was  not  analyzed  prior  to  the  test  because  no 
dependable  data  regarding  loading  were  available. 
Rather,  this  roof  slab  was  designed,  under  stand¬ 
ard  Bureau  of  Yards  and  Docks  procedures,  to 
resist  the  impact  effect  of  a  2000-lb  projectile. 
The  results  can  be  considered  very  satisfactory, 
since  the  slab  withstood  close-in  atomic  pres¬ 
sures  successfully.  Had  the  structure  been 
oriented  with  the  roof  normal  to  the  blast,  the 
roof  would  have  been  subjected  to  pressures 

1.3  times  as  large,  but  a  slightly  deeper  slab 
would  provide  for  this  eventuality. 

7.1.4  Structure  3.2.1b 

Structure  3.2.1b  was  not  analyzed  prior  to  the 
test  because  dependable  loading  data  were  un¬ 
available.  Owing  to  the  vented  type  construction, 
this  roof  slab  was  expected  to  behave  somewhat 
better  than  the  solid  slab  (Structure  3.2.1a)  in 
resisting  blast.  However,  the  vented  slab  failed 
predominantly  from  the  horizontal  component  of 
the  blast;  it  was  designed  only  for  a  vertical  load. 
Had  the  roof  been  oriented  normal  to  the  blast,  a 
better  test  might  have  resulted. 

7.1.5  Structure  3.2.2a 

Damage  to  Structure  3.2.2a  was  considerably 
greater  than  anticipated,  owing  primarily  to  con¬ 
nection  failures  which  prevented  the  front  panels 
from  performing  as  designed.  The  center  panels 
on  the  front  face  were  expected  to  receive  the 
heaviest  damage,  i.e.,  extensive  cracking  in  the 
ribs  and  some  separation  between  ribs  and  skin. 
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These  panels  actually  failed,  with  a  rather  sharp 
break,  near  the  center  in  moment.  Some  rib 
cracking  occurred,  but  there  was  no  separation 
between  skin  and  rib.  The  other  front  panels 
failed  similarly  and  released  the  blast  wave  in¬ 
side  the  structure.  The  remainder  of  the  panels 
failed  from  their  weak  side.  Anchor  bolts  acted 
about  as  expected,  being  bent  inward. 

Damage  to  the  bents,  which  occurred  prior  to 
the  failure  of  the  front  wall,  was  about  as  pre¬ 
dicted  with  heavy  cracking  at  the  haunches  of 
the  center  bent.  However,  the  expected  separa¬ 
tion  between  the  channels  forming  the  bent  did 
not  occur.  Damage  to  the  end  bents  was  rela¬ 
tively  less,  as  predicted. 

7.1.6  Structure  3.2.2b 

Damage  to  Structure  3.2.2b  was  different 
from  that  predicted,  owing  to  the  rotation  of  the 
front  wall  and  uplift  of  the  panel  footing.  No  re¬ 
straining  moment  developed  at  the  base  of  the 
front  wall;  therefore  no  damage  occurred  to  the 
anchor  bolts  or  plates.  Similarly,  the  rotation 
of  the  front  wall  relieved  the  stresses  on  it,  and 
panel  damage  was  negligible.  The  roof  failed 
unexpectedly,  owing  to  the  impulse  it  received, 
which  was  much  larger  than  expected.  The  ma¬ 
sonry  failed  through  the  bricks  rather  than 
through  the  mortar  as  predicted.  Cracks  in  the 
brick  end  walls  resulted  from  slight  outward 
dishing  rather  than  from  action  as  shear  walls. 
No  damage  occurred  in  brick  walls  around  the 
bolts  and  washers  tying  them  to  the  panels.  Pan¬ 
els  on  end  walls  and  the  rear  wall  were  damaged 
less  than  predicted. 

7.1.7  Structures  3.2.3a  and  b 

Structures  3.2.3a  and  b  sustained  over-all 
damage  far  in  excess  of,  and  in  a  manner  some¬ 
what  different  from,  the  predictions.  It  was 
thought  that  the  front  wall  would  receive  a  verti¬ 
cal  compressive  stress  from  the  roof  as  the  roof 
became  loaded.  Instead,  the  front  wall  deflected 
so  much  at  the  center  that  it  actually  applied  a 
tension  force  to  the  front  edge  of  the  roof,  tend¬ 
ing  to  pull  this  edge  down,  but  the  roof  itself 
successfully  resisted  this  force  with  extremely 
limited  deflection. 

In  addition,  it  was  predicted  that  the  base  of 
the  front  wall  would  fail  first  and  break  away 
from  the  foundation,  maintaining  its  connection 
to  the  roof.  An  exactly  reverse  situation  oc¬ 


curred.  In  both  structures  the  connection  at  the 
roof  was  broken  first,  and  in  Structure  3.2.3b 
the  front  wall  collapsed,  but  the  base  remained 
anchored  to  the  foundation. 

The  roof  body  was  severed  from  the  end  walls 
along  the  predicted  planes  of  weakest  connection, 
but  at  the  middle  it  split  down  the  center  of  the 
panel  rather  than  at  the  edges  of  the  center  panel. 
The  grouted  joints  along  the  edge  of  this  panel 
were  intact,  even  after  the  impact  of  landing  be¬ 
hind.  The  other  half  of  the  roof  and  the  rest  of 
the  center  panel  flipped  over  as  they  landed  and 
suffered  severe  damage.  Even  here,  the  joint 
between  panels  was  still  intact,  even  though  the 
grout  was  broken  loose. 

7.1.8  Structure  3.2.4a 

The  earth  cover  on  Structure  3.2.4a,  especially 
the  heavy  embankments  against  the  vertical  faces 
of  the  side  walls,  caused  the  structure  to  respond 
in  a  manner  slightly  different  from  the  predic¬ 
tions.  It  was  thought  that  the  pressure  loading 
would  produce  a  response  similar  to  that  obtained 
in  an  uncovered  arch  type  structure,  namely,  a 
slight  flattening  out  of  the  front  panels  with  ten¬ 
sion  stresses  on  the  inside  and  compressive 
stresses  on  the  outside,  as  well  as  a  tendency  to 
squash  the  rear  panels  with  tension  on  the  outside 
and  compression  on  the  inside.  However,  the  flat 
sloping  roof  portion  of  the  front  panels  received 
heavier  load  than  the  vertical  face,  and  the  slop¬ 
ing  portion  attempted  to  move  downward,  intro¬ 
ducing  large  moments  at  the  knee  of  the  panel 
with  consequent  cracks  on  the  outside  of  the  knee 
and  none  on  the  inside.  On  the  rear-wall  panels, 
tension  cracks  appeared  on  the  inside  face  near 
the  base  and  also  at  the  fold  lines.  The  end  pan¬ 
els  that  remained  in  place  developed  shear 
stresses  and  cracks  as  predicted  and  to  just 
about  the  extent  predicted. 

7.1.9  Structure  3.2.4b 

Except  for  the  complete  failure  of  the  end 
walls,  Structure  3.2.4b  responded  as  predicted. 

In  general,  the  end -wall  failure  probably  did 
not  influence  the  damage  to  the  remainder  of 
the  structure.  The  gable  bents  had  reached 
maximum  deflection  before  the  pressure  in¬ 
side  the  structure  became  a  factor.  Damage 
to  edge  beams  was  most  severe  at  the  crown 
and  at  the  haunch,  as  predicted.  Slab  or  skin 
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failure  was  in  the  concrete  along  the  edge  beams 
and  was  through  cracks. 

Foundation  failure  did  not  occur  as  predicted. 
The  foundation  cracked  at  the  rear  third  point  in 
the  end -wall  foundations  instead  of  outside  the 
toe  of  the  panels  in  the  rear  foundation.  The 
anchor  bolts  in  the  front  wall  were  not  deformed. 
It  is  indicated,  therefore,  that  the  toe  of  the  wall 
panels  was  anchored  well  enough  to  resist  the 
loads  imposed  and  to  pass  the  load  to  the  end- 
wall  foundations. 

The  panels  without  intermediate  ribs  appeared 
to  resist  the  loading  as  well  as  those  with  inter¬ 
mediate  panels. 

7.1.10  Structure  3.2.5 

With  the  exception  of  the  end  walls,  damage  to 
Structure  3.2.5  was  very  close  to  that  predicted. 
Rib  damage  was  greatest  at  the  crown  and  founda¬ 
tion,  and  some  shear  cracking  occurred,  as  pre¬ 
dicted,  in  the  skin  near  the  ribs.  However,  the 
panels  without  crossribs  were  damaged  no  more 
severely  than  those  with  crossribs.  As  expected, 
the  panels  with  skin  out  were  the  strongest. 


Column  loadings  were  influenced  by  the  fail¬ 
ure  of  the  front  wall  and  roof.  The  front  column 
failed  as  predicted;  the  rear  column  did  not. 

7.1.13  Structure  3.2.7b 

Structure  3.2.7b  responded  about  as  predicted, 
with  the  exception  of  the  failure  of  the  stringer 
beams  (a  design  weakness)  and  the  excessive 
rotation  of  the  haunches  of  the  main  girder.  The 
haunches  of  the  stringer  beams  were  improperly 
designed  In  so  far  as  the  steel  was  concerned, 
and  the  haunches  of  the  main  girder,  although 
properly  laid  out,  were  underdesigned  for  the 
loads  that  they  were  called  upon  to  resist.  The 
action  of  the  front  wall  was  almost  precisely 
according  to  predictions;  the  rear  wall  sustained 
deflections  about  equivalent  to  those  of  the  front 
wall,  instead  of  the  lesser  amount  that  had  been 
predicted.  The  end  walls,  which  had  been  ex¬ 
pected  to  deflect  inward,  actually  deflected  out¬ 
ward. 

7.2  CRITICAL  POINTS  IN  DYNAMIC  DESIGN 
7.2.1  End  Walls 


7.1.11  Structure  3.2.6 

Structure  3.2.6  resisted  the  loading  with  less 
damage  than  predicted.  No  bolt  deformation  was 
noted.  Cracking  was  similar  in  points  of  occur¬ 
rence  but  was  of  very  small  magnitude.  D-ring 
panel  damage,  although  very  slight,  was  greater 
than  damage  to  the  upper  rings. 

7.1.12  Structure  3.2.7a 


Although  the  end  walls  for  the  Greenhouse 
structures  were  designed  to  withstand  only  free- 
air  pressure,  preliminary  evidence  indicates 
that  side-on  pressure  was  somewhat  greater 
than  predicted  free-air  pressure  during  most  of 
the  positive  phase.  Since  the  direction  of  blast 
would  not  be  known,  future  test  structures  should 
have  end  walls  designed  to  withstand  the  full 
front-wall  reflected  pressure.  Stronger  end 
walls  will  then  be  capable  of  relieving  more  of 
the  load  imposed  on  the  front  wall. 


The  points  of  occurrence  of  failure  in  Struc¬ 
ture  3.2.7a  were  well  predicted;  however,  the 
degree  of  damage  sustained  was  much  greater 
than  expected.  The  front  wall  received  the 
greatest  damage,  occurring  in  the  two  rectan¬ 
gles  outlined  by  the  end  walls,  roof,  column, 
and  foundation.  The  failure  of  the  front  walls 
and  the  unpredicted  stringer  failure  caused  the 
roof  to  collapse.  Heaviest  cracking  in  all  cases 
was  as  predicted. 

The  damage  to  the  end  walls  was  mainly  in 
the  form  of  shear  cracks.  The  left  end  wall 
actually  had  brittle  compression  failures  near 
the  rear  corner,  where  shear  stresses  were 
highest. 
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7.2.2  Connections  on  Rectangular  Structures 

A  common  point  of  weakness  in  the  rectangular 
structures  was  either  the  connection  between 
the  front  wall  and  the  roof  or  the  weakness  of 
the  roof  itself  to  the  applied  load.  The  latter  is 
discussed  in  Sec.  7.2.4.  In  Structures  3.2.3a  and 
b,  the  front  wall  broke  loose  from  the  roof 
through  the  welded  connections  at  the  trusses. 

In  Structure  3.2.7b,  the  connection  of  the  girder 
to  its  columns  and  the  stringer  beams  to  the 
walls  by  means  of  haunches  proved  to  be  inade¬ 
quate.  In  Structure  3.2.2a,  the  rear  haunch  of 
the  column-to-girder  connection  failed.  In  Struc¬ 
ture  3.2.7a,  the  stringer  haunches  pulled  bodily 


out  of  the  end  walls.  In  Structures  3.2.1a  and  b, 
the  short  stub  walls  sheared  away  from  the  roof 
sections.  This  consistent  tearing  or  shearing 
inward  of  the  front  wall  indicates  that  most  of 
the  front-wall  action  takes  place  before  the  roof 
can  transmit  appreciable  downward  forces  to 
the  wall. 

7.2.3  Panel  Framing 

The  basic  analysis  for  resistance  used  for  the 
Navy  structures  depended  upon  the  development 
of  large  tensile  forces  acting  through  a  catenary 
shape.  This  required  a  high  degree  of  restraint 
at  the  connections  of  diaphragms  to  ribs,  and  of 
ribs  to  frames  or  adjacent  ribs.  In  general, 
these  forces  had  appreciable  components  in  two 
directions,  but  in  many  cases  the  necessary  re¬ 
straint  was  not  provided  in  both  of  these  direc¬ 
tions,  and  sometimes  sufficient  restraining  was 
not  provided  in  either  direction.  All  the  failures 
of  the  diaphragm -and -rib  type  can  be  traced  to 
this  shortcoming.  Observations  at  the  site  indi¬ 
cate  that  the  catenary  action  predicted  by  the 
analysis  was  developed,  but  in  many  cases  the 
restraint  for  the  resultant  forces  was  not  pro¬ 
vided. 

7.2.4  Roofs 

Roofs  were  loaded  to  as  much  as  100  per  cent 
over  the  design  load.  High  moment  stresses 
were  developed  at  the  center  of  the  span  be¬ 
cause  of  this  loading.  The  walls  did  not  provide 
enough  roof  panel  and  restraint  to  develop  the 
catenary  type  resistance;  therefore  failure  of 
the  roof  resulted.  Another  action  which  caused 
the  roof  overload  was  axial  compression  of  the 
roof  panels  when  the  structure  was  enveloped  by 
the  blast  wave.  Forces  from  the  front  and  rear 
toward  the  center  of  the  building  placed  an  axial 
load  on  the  roof  panels  after  they  were  deflected, 
and  this  action  accelerated  failure. 


7.2.5  Front  Walls 

Every  case  of  front-wall  failure  led  to  com¬ 
plete  collapse  of  the  structure  because  the  pres¬ 
sure  was  then  allowed  to  enter  and  explode  the 
building.  Consequently  the  front  wall  is  the  most 
critical  surface  of  the  entire  structure. 


7.3  COMPARISON  OF  RECORDED  DEFLEC¬ 
TIONS  WITH  THOSE  COMPUTED  ON  THE 
BASIS  OF  RECORDED  LOADING 

7.3.1  Structure  3.2.5  (Quonset) 

The  analytical  and  experimental  study  of 
Structure  3.2.5  had  the  following  objectives: 

1.  Comparison  of  the  over-all  pressure  dis¬ 
tribution  assumed  in  design  with  that  obtained 
in  the  test. 

2.  Study  of  the  effect  of  the  projecting  ribs 
and  stiffeners  on  local  intensities  of  pressures. 

3.  Determination  of  the  relative  strength  of 
panels  having  inward-projecting  ribs  (skin  out) 
vs  panels  having  outward -projecting  ribs. 

4.  Determination  of  the  relative  strength  of 
panels  having  stiffening  crossribs  vs  panel  with¬ 
out  crossribs. 

5.  Determination  of  adequacy  of  the  2-in.  slab 
thickness  chosen  in  design. 

6.  Determination  of  adequacy  of  strength  of 
the  rib  system  of  the  panel  as  a  unit. 

7.  Comparison  of  structural  behavior  antici¬ 
pated  in  the  original  analysis  with  that  recorded 
by  the  instrumentation  and  observed  after  the 
test. 

In  general,  sufficient  data  were  obtained  for 
formulating  conclusive  opinions  regarding  all 
the  foregoing  objectives.  A  summary  of  con¬ 
clusions,  together  with  a  brief  discussion  of  re¬ 
sults,  follows. 

The  pattern  or  shape  of  the  pressure  curve 
enveloping  the  arch  contour  as  obtained  from 
the  test  is  about  the  same  as  that  given  by  shock- 
tube  experiments  and  used  in  design.  In  intensi¬ 
ty  the  design  pressures  were  somewhat  greater 
than  those  recorded  by  the  test  instruments. 

The  comparisons  of  over-all  pressures  are 
shown  in  Figs.  7.1  and  7.2.  The  differences, 
such  as  the  subpanels  in  the  front  face  of  the 
arch,  are  more  significant  locally.  The  maxi¬ 
mum  pressures  occur  in  the  subpanel  with  15° 
inclination.  The  two  pressure  curves  corre¬ 
sponding  to  this  location  are  shown  in  Figs.  6.7 
and  6.8.  A  peak  of  29  psi  was  predicted  against 
the  maximum  recorded  of  11.4  psi. 

Contrary  to  expectation,  the  pressures  in  com¬ 
parable  panels  with  outward-projecting  ribs  were 
of  lesser  intensity  than  in  panels  having  a  smooth 
contour,  i.e.,  ribs  projecting  inward.  This  was 
probably  due  to  pressure  relief  from  vortices 
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Fig.  7.2  Recorded  Chronological  Loading  Curves,  Left  Half  of  Structure  3.2.5 
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formed  by  the  ribs.  At  a  later  time,  pressures 
in  the  ribs-outward  panels  were  slightly  greater, 
possibly  due  to  entrapment  of  the  blast  wave  by 
the  ribs. 

There  were  slight  differences  in  physical  dam¬ 
age,  as  evidenced  by  the  extent  of  cracking  and 
permanent  deflections,  which  showed  a  small 
advantage  in  strength  of  arch  panels  with  in¬ 
ward-projecting  ribs  over  those  with  outward- 
projecting  ribs.  It  is  quite  possible  that  the 
small  advantage  in  strength  of  the  ribs-inward 
panels  was  offset  by  their  relatively  higher 
pressures. 

No  appreciable  advantage  was  obtained  by  the 
use  of  crossribs  in  either  type  of  panel.  This 
was  due  to  the  fact  that  local  pressures  were 
transmitted  to  the  foundations  principally  by 
direct  arch  action  through  the  shell  rather  than 
to  the  ribs  by  slab  action. 

The  test  verifies  the  design  feasibility  of 
minimum  shell  thickness.  For  an  arch  with  a 
20-ft  span  having  its  edge  ribs  4  ft  apart,  a 
2-in.  shell,  reinforced  with  a  2-  by  2-in. 

8-gauge  mesh,  appears  to  be  entirely  adequate 
for  resisting  reflected  peak  pressures  of  up  to 
20  psi.  Assuming  a  reflection  factor  of  2  for 
the  middle  front  panels,  this  will  correspond 
to  a  side-on  peak  pressure  of  10  psi. 

The  test  verifies  the  adequacy  of  design  pro¬ 
portions  of  the  edge  ribs.  For  a  20-ft  arch  span 
and  4-ft  panel  width,  an  8-in.  rib  depth  is  ap¬ 
parently  adequate  to  sustain  the  pressure  con¬ 
dition  outlined.  The  chosen  reinforcement  con¬ 
sisting  of  a  %- in.  -diameter  bar  in  the  stem 
and  a  %-in. -diameter  bar  in  the  flange  also  is 
demonstrated  to  be  sufficient. 

There  is  a  considerable  divergence  in  the 
anticipated  and  observed  structural  behavior 
of  the  various  framing  elements  of  the  shelter. 
Except  for  the  vertical  end -wall  panels,  the 
design  predictions  have  proved  to  be  on  the 
conservative  side. 

The  end  panels  failed  primarily  because  of 
an  error  in  the  orientation  of  the  ribs.  According 
to  the  design,  the  ribs  were  to  project  inward. 
However,  when  drawing  the  details,  the  ribs  were 
shown  to  project  outward.  As  a  result  of  this  er¬ 
ror,  the  strength  of  the  panel  in  resisting  an  in¬ 
ward-acting  force  was  greatly  reduced.  The  weak¬ 
ness' was  brought  about  in  two  ways:  (1)  By 
reversal  of  direction  of  the  ribs,  the  %-in.- 
diameter  bar  called  for  in  design  as  compression 


reinforcement  had  now  become  the  tensile  re¬ 
inforcement  in  lieu  of  a  %-in. -diameter  bar 
placed  in  the  stem,  thus  resulting  in  a  75  per  cent 
reduction  in  the  flexural  strength  of  the  vertical 
ribs.  (2)  The  support  afforded  by  the  middle 
ribs  to  the  slab  was  now  confined  to  the  tensile 
strength  of  concrete  through  a  plane  connecting 
the  slab  to  the  rib.  The  failure  of  the  latter 
section  then  resulted  in  increasing  the  span 
length  of  the  slab  from  about  3  ft  6  in.  to  7  ft 
0  in.  Even  with  the  presence  of  these  significant 
weaknesses,  the  end  panels  developed  consider¬ 
able  resistance  prior  to  complete  failure,  as 
evidenced  by  the  very  slow  rise  of  pressure 
within  the  shelter.  Unfortunately,  no  gauges 
were  placed  on  these  panels  to  register  the 
intensities  of  the  imposed  pressures.  Since  the 
intensities  are  unknown,  no  conclusions  can  be 
reached  regarding  the  structural  behavior  of 
end  panels  with  correctly  oriented  supporting 
ribs. 

The  analysis  and  design  of  the  arch  panels 
were  predicated  on  some  rather  conservative 
assumptions.  In  the  case  of  the  shell  it  was 
assumed  that  each  of  the  arch  panels  would  act 
as  a  one-  or  two-way  slab  in  accordance  with 
arrangement,  transmitting  the  entire  loading 
to  the  edge  and  transverse  ribs  by  local  bending. 
With  this  concept  it  was  anticipated  that  the 
slabs  would  crack  extensively  and  have  perma¬ 
nent  deflections  from  2  to  3  in.  However,  ex¬ 
cept  for  minor  cracking  along  the  supports  in 
some  of  the  subpanels,  the  slabs  showed  no 
evidence  of  strain  beyond  their  elastic  capacity. 
Accordingly,  only  a  small  portion  of  the  imposed 
loading  was  absorbed  by  local  slab  action.  Ana¬ 
lyzed  as  a  shell,  for  the  dimensions  and  sectional 
proportions  used  in  the  design,  it  can  be  shown 
that  only  about  one-sixth  of  the  load  is  carried 
to  the  ribs,  the  remainder  being  transmitted  to 
the  foundation  supports  by  arched-shell  action. 

Using  the  pressure  curve  obtained  by  the 
instrumentation  (Figs.  6.7  and  6.8),  the  analysis 
indicates  that  the  maximum  deflection  of  a  strip 
of  slab  of  unit  width  located  at  15°  inclination  in 
the  third  arch  panel  from  the  end  was  only  0.0006 
ft  with  reference  to  its  rib  supports  and  that  the 
motion  had  stopped  at  the  end  of  the  period  t  = 
0.004  sec.  During  this  short  period  of  time  no 
change  in  pressure  could  have  occurred  within 
the  shelter  to  affect  the  flexure  of  the  slab,  since, 
even  assuming  an  instantaneous  failure  of  the 
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end  walls,  it  would  have  required  approximately 
0.010  sec  for  the  shock  wave  to  reach  the  rear  of 
the  slab. 

The  absence  of  observable  cracks  at  the  sup¬ 
ports  indicates  that  the  necessary  resistance  of 
the  slab  was  developed  by  end  elastic  moments. 
Assuming  that  the  strip  flexed  as  a  homogeneous 
section,  the  resulting  maximum  tensile  fiber 
stress  in  the  concrete  was  about  800  psi,  or  a 
resisting  moment  of  6400  in. -lb  per  foot  of  slab. 
In  comparison,  the  strip  could  have  developed 
a  maximum  resisting  moment  of  about  9000  in.- 
lb  as  a  cracked  section  at  the  yield  value  of  the 
steel  reinforcement. 

The  observed  behavior  of  the  arch  panels  as 
a  unit  differed  somewhat  from  that  anticipated 
in  design.  Owing  to  the  relatively  weak  jointing 
details,  it  was  assumed  that  the  pairs  of  bolted 
arch  segments  would  act  essentially  as  a  three- 
hinged  arch  framing.  The  deformations  pre¬ 
dicted  on  this  basis  were  accordingly  greater 
than  those  obtained  in  the  test.  However,  in  the 
absence  of  large  rotational  movements  or  open¬ 
ings  at  the  crown  and  base  connections  and  in 
view  of  the  recorded  small  deflections,  it  may 
be  concluded  that  the  assembly  acted  as  a  rigid 
arch.  With  this  understanding  a  new  analysis 
was  made  for  determining  the  revised  deflections. 
The  results  of  the  analysis  are  shown  graphically 
in  Figs.  7.3  to  7.6  together  with  the  recorded 
values. 

In  the  elastic  range  of  behavior,  the  arch  goes 
through  four  modes  of  deformation  (with  cor¬ 


responding  changes  in  resistance)  as  a  series 
of  four  plastic  hinges  are  formed  successively 
with  increased  strains.  For  a  segment  with  in¬ 
ward- projected  ribs,  the  initial  condition  of  a 
rigid  arch  prevails  for  about  11  msec,  at  which 
time  the  first  hinge  is  developed  at  the  front 
base.  The  second  hinge  is  formed  at  the  rear 
base;  a  third  hinge  is  formed  at  approximately 
midway  between  the  crown  and  rear  base;  and 
the  fourth  and  final  hinge  is  developed  at  a  cor¬ 
responding  point  in  the  front  arch  segment.  At 
this  last  stage  the  behavior  of  the  arch  may  be 
considered  as  fully  plastic,  with  a  constant  re¬ 
sistance.  For  a  segment  with  outward-projecting 
ribs,  the  sequence  of  hinge  formation  is  reversed, 
the  first  hinge  being  formed  at  the  rear  base,  the 
second  at  the  front  base,  the  third  in  the  front 
quarter,  and  the  fourth  in  the  rear  quarter. 

The  computations  were  made  on  the  basis  of 
five  sets  of  values  for  dynamic  modulus  of  elas¬ 
ticity  of  concrete,  dynamic  yield  values  of  struc- 
tural-steel-grade  bolts,  intermediate-grade  re¬ 
inforcing  steel,  and  wire  mesh.  The  combinations 
are  shown  in  Table  7.2. 

The  values  in  set  5  are  yield  values  increased 
by  60  per  cent  over  set  a,  the  assumed  static 
strengths.  Laboratory  tests  had  indicated  strength 
increases  of  this  order  of  magnitude.  Set  3  is 
identical  with  set  5,  except  that  a  more  realistic 
increase  in  Ec  of  10  per  cent  was  utilized  on  the 
basis  of  tests  conducted  for  the  Bureau  of  Yards 
and  Docks  by  the  National  Bureau  of  Standards. 
Later  laboratory  tests  of  actual  steel  used  in 


TABLE  7.2  STRENGTHS  OF  MATERIALS 


Set  No. 

Ec 

(psi) 

Bolts 

Yield  Values  of  Steel  (psi) 

Reinforcing  Steel  Wire  Mesh 

Increase 

over 

Static 

(%) 

Dynamic 

1 

4,000,000 

40,000 

56,000 

72,000 

b  +  28 

2 

5,000,000 

50,000 

70,000 

90,000 

b  +  60 

3 

5,000,000 

50,000 

80,000 

120,000 

a  +  60 

4 

8,000,000 

50,000 

70,000 

90,000 

b  +  60 

5 

8,000,000 

50,000 

80,000 

120,000 

a  +  60 

Static 

a 

5,000,000 

31,000 

50,000 

75,000 

0 

b 

5,000,000 

31,000 

44,000 

56,000 

0 
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the  precast  panels  indicated  softer  (set  b)  re¬ 
inforcing  steel  and  wire  mesh  than  had  been 
assumed.  Accordingly,  sets  2  and  4  were  calcu¬ 
lated  with  the  new  values  to  give  a  comparison 
with  sets  3  and  5.  Later  set  1  was  arbitrarily 
selected  as  80  per  cent  of  the  values  in  set  2  in 
an  effort  to  reach  better  agreement  between  the 
recorded  and  calculated  deflections  on  Structure 
3.2.4b.  This  was  successful,  as  shown  in  Fig. 

7.7,  although  the  same  values  do  not  produce 
satisfactory  correspondence  on  Structure  3.2.5, 
as  shown  in  Fig.  7.3.  This  indicates  that  differ¬ 
ent  strain  rates  on  the  two  structures  produced 
different  dynamic  strengths. 

Deflections  for  gauges  D3,  D4,  D5,  and  D6  are 
shown  in  Figs.  7.3  to  7.6.  From  these  curves  it 
appears  that  the  best  agreement  between  com¬ 
puted  and  observed  values  of  deflections  is  given 
by  gauges  5  and  6.  For  the  same  gauges,  curve  4 
appears  to  approach  the  observed  deflections 
most  closely.  For  gauge  3  no  satisfactory  coinci¬ 
dence  is  obtained  between  the  observed  and  com¬ 
puted  values,  especially  in  the  earlier  stages  of 
deflection.  However  in  the  final  stages  curves  2 
and  3  tend  to  approach  the  observed  deflection. 
Because  of  an  apparent  injury  to  gauge  4,  the  re¬ 
corded  values  have  not  been  plotted  in  the  figure. 
It  is  quite  possible  that  the  readings  of  this  gauge 
may  have  been  affected  by  the  impact  of  flying 
missiles  caused  by  failure  of  the  end  walls. 

7.3.2  Structure  3.2.4b  (Gable) 

The  objectives  of  this  study  were  the  same  as 
those  described  for  Structure  3.2.5  in  Sec.  7.3.1. 
In  general,  the  comments  and  conclusions  given 
for  the  quonset  arch  are  applicable  to  the  gable 
arch  (Structure  3.2.4b).  The  order  of  formation 
of  plastic  hinges  of  the  gable  is  about  the  same 
as  that  of  the  quonset,  except  that  in  the  rear 
face  the  third  hinge  forms  just  above  the  knee 
and  the  fourth  hinge  occurs  in  the  front  face 
about  midway  between  the  top  of  the  knee  and 
the  apex  of  the  gable. 

The  deflection  record  of  only  one  gauge  for 
this  structure  was  available.  The  computed  and 
observed  values  for  this  deflection  gauge  are 
shown  in  Fig.  7.7.  It  will  be  noted  that  curve  1 
appears  to  provide  the  most  satisfactory  coinci¬ 
dence.  In  Fig.  7.8  computed  values  for  deflec¬ 
tions  corresponding  to  gauge  D2  are  given. 
Either  curve  1  or  2  may  be  considered  satis¬ 
factory. 


7.4  COMPARISON  OF  SHAPED  WITH  REC¬ 
TANGULAR  STRUCTURES 

7.4.1  Loading 

Table  7.3  presents  a  comparison  of  maximum 
loading  conditions  on  the  front  surfaces  of  two 
shaped  structures  (3.2.4b  and  3.2.5)  to  maxi¬ 
mum  conditions  on  the  front  wall  of  a  rectangu¬ 
lar  structure  (3.2.7a)  at  the  same  range. 

By  geometry,  a  component  of  the  blast  pres¬ 
sure  on  an  arch-shaped  structure  is  downward, 
adding  to  the  stability  of  the  building.  The  pres¬ 
sure  is  also  more  evenly  distributed  over  the 
bu.  ding  after  complete  envelopment.  The  ad¬ 
vantages  of  shape  seem  to  be  directly  propor¬ 
tional  to  the  amount  of  streamlining. 

7.4.2  Structural-resistance  Characteristics 

The  advantages  known  for  arch  shapes  in 
static -loading  design  are  also  apparent  for 
dynamic-loading  conditions.  The  absence  of 
corners  decreases  the  dangers  of  local  points 
of  overstressing.  In  other  words,  the  stress 
patterns  are  uniform  across  the  arch.  Within 
the  arch  panels,  stress  concentrations  may  oc¬ 
cur  at  the  point  of  attachment  between  skin  and 
ribs,  but  this  is  apparently  not  a  serious  objec¬ 
tion. 

7.5  COMPARISON  OF  CONVENTIONAL  WITH 
PANELED  STRUCTURES 

In  the  justification  for  Structures  3.2.7a  and  b, 
it  was  stated  that  these  structures  were  placed 
in  the  project  as  a  comparison  of  conventional 
with  panel  type  structures.  Actually,  Structures 
3.2.7a  and  b,  as  indicated  previously  in  this  re¬ 
port,  gave  considerable  information  as  to  the 
response  of  materials.  Changes  in  conventional 
design  for  dynamic  loadings  are  indicated  from 
this  information,  such  as  carrying  reinforcing 
bars  to  supports  and  providing  continuous  re¬ 
inforcing  throughout  a  structure.  Comparisons 
may  be  made,  however,  and  are  considered 
important  in  the  evaluation  of  the  structures. 
Structures  3.2.7a  and  3.2.4b  can  be  assumed  to 
have  the  same  loading.  Structure  3.2.7a  was 
30  ft  farther  from  ground  zero  and  about  75  ft 
from  Structure  3.2.4b. 

During  construction  it  was  demonstrated  that 
the  construction  time  for  paneled  buildings  was 
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TABLE  7.3  EFFECT  OF  SHAPE  ON  REFLECTED  PRESSURES 
(CONSTANT  RANGE) 


Maximum  Loading  Condition 
on  Front  Surface 


Structure 

Gauge 

Pressure 

(psi) 

Angle  with 
Horizontal  (°) 

Shape 

3.2.4b 

Front  wall 

18 

90 

Gable  bent 

Front  fold 

13.3 

45 

Front  roof 

15.25 

20 

3.2.5 

Front  lower 

11.4 

75 

Circular 

Front  top 

9.1 

40 

arch 

Peak 

7.5 

5 

3.2.7a 

Front  wall 

16.0 

90 

Rectangular 

considerably  less  than  for  conventional  buildings. 
Labor  savings  can  also  be  shown  when  precasting 
labor  is  included,  if  a  large  order  is  made  for 
each  type  of  building. 

In  general,  Structure  3.2.4b  withstood  the  load¬ 
ing  with  less  damage  than  Structure  3.2.7a.  The 
front  wall  of  the  latter  failed  first;  therefore 
comparison  in  this  discussion  will  be  limited  to 
front  walls  in  order  to  eliminate  supposition  in 
later  loading  and  response.  The  front-wall  slab 
of  Structure  3.2.7a  was  6  in.  thick  with  twice 
the  steel  required  for  structures  built  to  with¬ 
stand  normal  static  loadings.  The  wall  deflected 
to  failure;  the  steel  at  the  break  and  along  the 
foundation  was  necked  down,  indicating  tension 
failure.  The  slab  was  therefore  too  weak  to  with¬ 
stand  the  loading  imposed.  The  connections  to 
the  foundation  were  also  too  weak  in  tension. 

On  the  other  hand,  the  front  wall  of  Struc¬ 
ture  3.2.4b  suffered  local  rib  failure  in  or.’y 
one  panel.  The  slab  in  these  panels  was  2  in. 
thick  with  2-  by  2-in.  8-gauge  mesh  reinforcing 
or,  by  weight,  the  same  amount  of  steel  per 
square  foot  as  that  in  Structure  3.2.7a.  The 
paneled  sections  contained  only  50  per  cent  as 
much  concrete  as  was  used  in  a  similar  section 
of  Structure  3.2.7a.  This  comparison  indicates 
the  order  of  material  saving  which  is  inherent 
in  the  use  of  thin-slab  construction,  with  no 
sacrifice  in  strength. 

Further  detailed  and  specific  comparison 
will  be  made  when  the  analysis  of  the  structures 
is  completed. 


7.6  DISCUSSION  OF  COMPARISON  PANELS 

During  the  planning  phases  of  the  project,  it 
was  decided  to  design  panels  of  two  shaped  struc¬ 
tures  in  various  ways  in  order  to  determine 
strength  characteristics.  Structures  3.2.4a  and 
3.2.5  were  chosen  for  this  experimentation. 

7.6.1  Ribs  In  vs  Ribs  Out 

One-half  of  the  panels  on  each  structure  were 
designed  with  the  ribs  out,  the  other  half  with 
ribs  in.  The  half  with  the  ribs  in  gave  a  more 
streamlined  structure;  thus  theoretically  the 
pressure  gauges  were  more  reliable.  The  re¬ 
sponse  of  these  panels  provided  a  great  deal  of 
information.  In  Structure  3.2.4b  the  vertical 
sections  of  the  ribs-out  panels  were  deflected 
considerably.  Actually,  since  the  tensile  strength 
of  the  concrete  is  the  mesh  end  restraint  for 
21/}  in.  of  the  rib  width,  the  span  of  the  slab  or 
skin  is  5  in.  more  in  the  ribs-out  panels.  The 
concrete  failed,  causing  through  cracks  along 
the  edge  beams.  The  ribs-in  panels,  on  the  other 
hand,  suffered  no  damage  to  the  skin  except  hair¬ 
line  cracks.  Practically  all  these  cracks  were 
in  the  vertical  section  of  the  panels. 

In  Structure  3.2.5,  damage  was  not  so  severe 
to  the  ribs-out  panels;  however,  a  comparison 
can  still  be  made  favoring  the  ribs-in  panels. 

The  end-wall  panels  of  Structures  3.2.4a  and 
b  and  3.2.5  were  designed  with  ribs  out.  It  is 
apparent  from  the  preceding  discussion  that  the 
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end  walls  would  have  been  stronger  if  the  ribs 
had  been  in.  It  will  be  noted  on  the  drawings 
that  the  end-wall  panels  were  about  twice  the 
width  of  the  front  and  rear  panels.  A  center  rib 
was  provided,  but  the  mesh  was  not  tied  to  this 
rib.  The  mesh  span  was  therefore  the  full  width 
of  the  panel  after  the  concrete  failed  in  the  cen¬ 
ter  rib.  Had  the  ribs  been  inward,  the  center  rib 
would  have  served  as  a  support  for  a  continuous 
slab  and  would  have  provided  additional  strength. 

7.6.2  Value  of  Intermediate  Ribs 

The  panel  in  the  center  of  each  half  of  Struc¬ 
tures  3.2.4b  and  3.2.5  did  not  have  intermediate 
ribs.  The  panels  were  simply  thin  slabs  sup¬ 
ported  by  ribs  on  the  periphery.  It  was  predicted 
that  these  panels  would  receive  more  damage 
owing  to  the  lack  of  intermediate  support.  There 
was  no  visible  or  measurable  difference  in  the 
response  of  these  panels,  however.  Based  on 
this  test  alone,  it  is  considered  that  intermedi¬ 
ate  ribs  may  not  be  necessary,  but  further  tests 
should  investigate  this  possibility. 

7.6.3  Welded  Panel  Connections  vs  Bolted 
Connections 

Many  of  the  precast-concrete  panels  which 
were  displaced  failed  at  connection  points;  there¬ 
fore  an  examination  of  the  merits  of  welded  and 
bolted  connections  is  in  order.  In  the  case  of 
connections  of  the  panel  to  the  end  wall  or  foun¬ 
dation  and  in  the  case  of  peak  panel  connections 
by  bolts  through  the  edge  ribs  there  were  very 
few  failures  in  the  bolts  themselves.  Rather,  the 
concrete  around  the  pipe  sleeves  through  which 
the  bolts  passed  failed  in  punching  shear,  freeing 
the  bolt.  In  order  to  develop  properly  the 
strength  of  the  bolt,  it  must  be  firmly  affixed 
to  the  reinforcement.  It  is  not  safe  to  depend 
on  compression  between  the  reinforcing  move¬ 
ment  at  connections.  Indeed,  sometimes  the 
movement  occurs  in  both  directions. 

In  the  other  type  of  connection  where  plates 
were  welded  to  the  panel  reinforcement  and 
secured  to  a  similar  plate  on  an  adjacent  pan¬ 
el  by  a  splice-plate  weld,  connection  failures 
normally  occurred  by  a  45°  shear  failure  in 
the  weld  around  the  splice  plate.  Hence  the  full 
design  strength  of  the  connection  was  developed. 
The  connections  should  be  modified  to  provide 
additional  strength. 


7.7  EFFECTS  OF  EARTH  COVER 

Although  little  experimentation  has  been  con¬ 
ducted  with  the  specific  purpose  of  determining 
the  mechanism  by  which  structures  are  strength¬ 
ened  by  the  addition  of  earth  cover,  it  is  con¬ 
sidered  that  one  or  all  of  the  effects  discussed 
in  Secs.  7.7.1  to  7.7.3  are  factors. 

7.7.1  Mass  Effect 

Under  a  constant  dynamic  force  the  accelera¬ 
tion  given  a  body  without  restraint  is  Inversely 
proportional  to  its  mass  (F  =  Ma).  Hence,  in¬ 
creasing  the  effective  mass  of  an  element  by 
adding  cover  should  reduce  its  movement  and 
consequent  damage  under  blast.  In  actuality,  all 
structural  elements  have  resistance,  which  is 
a  function  of  displacement.  When  the  resistance 
of  an  element  in  the  elastic  range  exceeds  the 
dynamic  force,  motion  in  the  direction  of  blast 
will  cease,  and  the  element  will  tend  to  move 
in  the  opposite  direction,  releasing  some  of  the 
energy  it  has  received.  Then  the  momentum  of 
the  cover  increases  the  force  on  the  element  in 
direct  proportion  to  the  quantity  of  cover  and  to 
the  initial  acceleration.  That  is,  initially, 


Fe=Fa 


when  M  =  mass  of  earth  cover 

a  =  acceleration  given  structural  element 
and  cover 

Fa  =  force  due  to  air  pressure 
Fe  =  force  on  element 
Q  =  resistance  of  element 

However,  when  the  motion  of  the  element  re¬ 
verses  direction  (Q  >  F„), 


Fa  +  Ma 


In  the  case  of  Structure  3.2.6,  which  had  a 
minimum  of  2  ft  of  earth  cover  as  radiation  pro¬ 
tection,  the  free-air  pressure  gauges  outside 
the  cover  recorded  a  maximum  of  10  psi  with  a 
second  plateau  of  7.8  psi  about  10  msec  later. 
Corresponding  earth  pressure  gauges  at  the 
surface  of  the  structure  recorded  a  maximum 
of  16  psi,  and  there  was  subsequent  attenuated 
oscillation  during  the  time  of  the  plateau  of  the 
free-air  pressure  recording.  The  period  of  the 
elastic  oscillation  was  about  60  msec,  and  the 
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maximum  points  were  coincident  with  maximum 
acceleration  toward  the  exterior.  In  other  words, 
the  structural  vibrations  modulated  the  im¬ 
pressed  loading.  These  oscillations  are  not 
indicative  of  the  natural  frequency  of  the  struc¬ 
ture  because  the  vibration  is  forced.  The  high 
degree  of  damping  prevents  oscillatory  motion 
after  the  blast  has  passed.  Elements  of  the  struc¬ 
ture  were  subjected  to  about  twice  the  pressure 
which  existed  at  the  surface  of  the  cover.  Use 
of  the  F  =  Ma  equation  verified  the  suspicion 
that  the  additional  8  psi  pressure  on  the  top  pan¬ 
el  was  caused  by  the  change  in  the  direction  of 
movement  of  the  panel  and  the  subsequent  ad¬ 
ditional  pressure  exerted  on  it  by  the  2  ft  of 
cover. 

However,  the  true  yardstick  when  considering 
damage  is  not  loading  but  response,  which  can 
be  roughly  determined  by  initial  acceleration. 

Had  the  2  ft  of  cover  been  absent  from  the  top  of 
the  dome,  the  effective  mass  would  have  been  re¬ 
duced  by  a  factor  of  approximately  8  so  that 
acceleration  would  have  been  increased  con¬ 
siderably. 

A  limit  is  placed  on  the  depth  of  cover  by  the 
static  strength  of  the  structure.  Also,  sufficient 
reserve  strength  must  be  maintained  to  absorb 
the  dynamic  live  load.  An  optimum  balance  must 
be  sought  between  live  and  dead  load  to  deter¬ 
mine  optimum  cover  depth. 

The  foregoing  discussion  of  the  value  of  cover 
on  a  roof  applies  equally  well  to  the  front  face 
of  a  vertical  walled  structure.  Here  the  angle 
of  repose  of  the  earth  provides  greatest  mass 
addition  where  it  is  most  needed,  i.e.,  at  the 
usually  vertical  junction  between  foundation  and 
front  wall,  without  adding  much  dead  load  to  the 
structure. 

In  the  case  of  the  rear  wall  of  a  covered  struc¬ 
ture  which  is  attempting  to  deform  away  from 
the  blast,  the  cover  behind  the  rear  wall  opposes 
deformation  and,  by  the  passive  strength  of  the 
earth,  increases  the  pressure  on  the  wall.  Struc¬ 
tures  3.2.4a  and  3.2.6  had  their  highest  earth 


pressure  not  on  the  front  wall  but  on  the  rear 
wall. 

7.7.2  Pressure  Attenuation 

A  pressure  wave  is  attenuated  as  it  passes 
through  any  medium.  The  amount  of  this  attenua¬ 
tion  is  not  well  known  at  the  time  of  writing. 
There  was  no  apparent  loss  of  pressure  in  the 
2  ft  of  cover  on  top  of  Structure  3.2.6.  However, 
decreased  earth  pressures  were  observed  on 
the  walls,  depending  on  the  gauge  location  and 
the  amount  of  earth  before  it  (Fig.  6.9). 

7.7.3  Streamlining  Effect 

Although  the  total  presentment  of  a  structure 
is  increased  by  cover,  the  pressures  are  fa¬ 
vorably  altered.  Reflection  factors  are  much 
lower  than  on  a  vertical  wall,  and  the  pressures 
over  the  structure  are  more  evenly  distributed. 
Structure  3.2.6  survived  the  Easy  Shot  practi¬ 
cally  undamaged,  except  for  permanent  verti¬ 
cal  deformations  of  s/4  in.  maximum.  After  the 
shot,  the  structure  was  completely  uncovered, 
and  the  earth  was  leveled  down  to  the  foundation. 
The  structure  was  then  subjected  to  a  second 
loading  during  the  Item  Shot.  Similar  conditions 
of  range  and  pressure  existed.  The  results 
were  much  different  from  the  Easy  test.  Four 
of  the  lower  panels  on  the  side  of  the  structure 
facing  the  shot  were  demolished.  The  pressure 
wave  then  entered  the  structure  and  forced  the 
panels  on  either  side  of  the  damaged  ones  to 
move  out  from  the  building  interior  and  sepa¬ 
rate  from  the  next  higher  ring  of  panels.  These 
higher  panels  then  dropped  until  they  rested  on 
the  building  foundation  as  shown  in  Fig.  7.9.  The 
rest  of  the  structure  was  essentially  undamaged. 

Although  the  structure  was  not  instrumented 
for  the  Item  Shot,  the  value  of  cover  in  protecting 
and  streamlining  vertical  front  surfaces  was 
clearly  demonstrated.  Other  advantages  will  be¬ 
come  manifest  following  future,  more  thoroughly 
instrumented,  cover  tests. 
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Chapter  8 

4 

Conclusions  and  Recommendations 


8.1  GENERAL  CONCLUSIONS 

Certain  conclusions  may  be  drawn  from  the 
survey  and  the  studies  completed  to  date.  The 
value  of  the  test  to  the  Navy  is  evident,  as  in¬ 
dicated  by  the  following  discussion. 

8.1.1  Fundamental  Data 

Many  data  were  collected.  Enough  data  were 
obtained  to  prepare  new  designs  and  to  reanalyze 
the  structures  tested.  The  amount  and  type  of 
data  collected  were  satisfactory  and  valuable. 
However,  the  test  made  evident  that  further 
data  are  required  in  some  fields,  for  example, 
earth-cover  and  shaped  structures. 

8.1.2  Observation  of  Physical  Behavior 

Design  assumptions  were  generally  verified. 

In  instances  where  response  was  greater  than 
predicted,  the  reasons  are  being  determined 
and  may  result  in  refinements  either  to  the 
design  of  the  structure  or  to  the  method  of 
analysis. 

8.1.3  Relative  Merit  of  Types 

Shaped  structures,  namely,  the  gable  arch 
(3.2.4a  and  b),  the  arch  (3.2.5),  and  the  dome 
(3.2.6),  were  far  superior  to  the  rectangular 
structures.  These  three  types  of  shaped  struc¬ 
tures  can  be  used  immediately  for  protective 
purposes,  if  modified  as  discussed.  The  test 
of  the  heavy  bombproof  roof  (3.2.1a)  demon¬ 
strated  the  near-absolute  protection  of  the 
Navy  conventional  heavy  bombproof  structure. 
The  paneled  rectangular  structures  when  modi¬ 
fied  will  provide  protection  at  ranges  where 
heavy  conventional  type  buildings  are  otherwise 
required. 


8.2  SPECIFIC  CONCLUSIONS 

As  a  result  of  studies  to  date,  certain  con¬ 
clusions  can  be  made  about  specific  areas  of 
work.  These  conclusions  may  be  revised  upon 
completion  of  the  analysis. 

8.2.1  Validity  of  the  Method  of  Analysis 

Preliminary  studies  have  resulted  in  tenta¬ 
tive  conclusions  regarding  the  concepts  used  in 
the  method  of  analysis. 

(a)  Concept  of  Loading.  The  assumed-loading 
curves  proved  tp  be  reasonably  accurate  as  to 
quality  for  purposes  of  design,  considering  par¬ 
ticularly  the  simplicity  of  application.  Excep¬ 
tions  have  been  discussed  in  Chap.  7.  Further 
laboratory  and  shock-tube  studies  are  neces¬ 
sary  to  determine  diffraction  effects  and  re¬ 
flection  factors  more  accurately  under  various 
conditions  such  as  slow  rise  time  and  nonrigid 
reflecting  surfaces. 

(b)  Concepts  of  Resistance.  The  basic  con¬ 
cepts  of  resistance  as  promulgated  in  the  anal¬ 
ysis  used  for  checking  the  Navy  structures  ap¬ 
pear  to  be  sound.  However,  the  structural 
qualities  required  to  provide  the  necessary  de¬ 
gree  of  restraint  for  these  forces  were  lacking 
in  many  instances;  this  restraint  could  have 
been  provided  in  practically  every  case  by  the 
use  of  improved  connections — connections  that 
actually  would  carry  the  stresses  as  assumed 
in  the  analysis.  This  would  allow  structural 
elements  to  develop  full  design  resistances 
before  failing  in  bending.  Further  testing  of 
these  improved  connections  will  be  required. 

(c)  Concept  of  Deformation.  Two  assump¬ 
tions  were  made  in  the  concept  of  deformation 
as  a  tool  of  analysis.  The  first  assumption  was 
that  during  full  plasticity  the  member  took  the 


shape  of  a  catenary.  The  second  assumption  was 
that  the  reinforcement  would  sustain  over  -all 
elongation.  As  judged  from  visual  observations, 
the  actual  response  of  elements  approached 
these  two  assumptions.  It  is  necessary,  how¬ 
ever,  to  complete  the  analysis  before  these  as¬ 
sumptions  can  be  fully  evaluated. 

8.2.2  Modifications  to  Analysis  in  Light  of 
Test  Results 

The  postshot  analysis  of  the  structures  has 
not  been  carried  to  the  point  where  the  neces¬ 
sity  for  modifications  is  evident.  It  is  consid¬ 
ered  premature  to  form  conclusions  on  the 
work  accomplished  to  date  even  though  the  re¬ 
sults  are  promising. 

The  need  for  revisions  in  the  assumed  load¬ 
ing  curves  is  evident.  Further  analysis  of  test 
data  and  shock-tube  data  is  required  before 
definite  conclusion  can  be  made. 

8.2.3  Conclusions  on  Greenhouse  Structures 

General  conclusions  may  be  made  regarding 
the  test  of  the  structures.  These  conclusions 
are  not  dependent  on  the  completion  of  the 
analysis  and  may  be  regarded  as  final.  Am¬ 
plification  of  these  and  addition  of  others  may 
result  from  the  completed  analysis. 

(a)  Use  of  Thin  Concrete  Sections.  A  thin 
diapl  ragm  section  of  reinforced  concrete, 
properly  tied  to  supporting  ribs,  can  be  effec¬ 
tively  used  to  provide  protection  against  atomic 
blast  at  distances  where  much  heavier  sections 
of  conventionally  designed  concrete  elements 
would  otherwise  be  required. 

(b)  Shaped  Structures.  Very  definite  advan¬ 
tages  are  attached  to  the  use  of  shaped  struc¬ 
tures  as  opposed  to  rectangular  structures. 

The  basic  reason  for  this  unfavorable  position 
of  the  rectangular  structures  is  the  require¬ 
ment  for  extremely  strong  and  probably  mas¬ 
sive  connections  at  the  90°  intersections 
throughout.  The  less  the  angularity  of  the 
stress  path  of  the  structure,  the  stronger  it 
will  be.  With  this  concept,  the  sphere  will 
probably  be  the  most  resistant  of  all  basic 
shapes. 

(c)  Earth  Cover.  The  use  of  earth  embank¬ 
ment  provides  a  valuable  asset  to  the  response 
of  structures.  The  mechanics  by  which  the 
earth  embankment  aids  a  structure  are  as  yet 


not  completely  known,  but  the  favorable  effects 
are  evident.  A  contractor  has  been  commis¬ 
sioned  to  study  this  particular  phenomenon. 

(d)  Protection  of  Existing  Structures.  Al¬ 
though  Structure  3.2.2b  was  the  only  structure 
erected  at  Greenhouse  to  test  the  possibility  of 
protecting  existing  structures,  this  field  of 
study  is  a  very  large  one.  The  use  of  precast 
panels  for  this  purpose  shows  considerable 
promise.  With  a  stronger  roof,  the  brick  build¬ 
ing  would  have  been  completely  protected. 
Japanese  experience  Indicates  that  an  unpro¬ 
tected  masonry  structure  of  similar  design 
would  have  been  completely  destroyed  at  this 
range. 

(e)  Bombproof  Structures.  The  heavy  slab 
tested  on  the  edge  of  the  fireball  at  Greenhouse 
was  eminently  successful.  Although  designed  to 
resist  large  impact  missiles  (for  lack  of  in¬ 
formation  regarding  close-in  pressures),  this 
structure  withstood  short-time  pressures  sur¬ 
passing  the  ultimate  static  compressive  strength 
of  the  concrete.  The  possibility  of  providing 
above-ground  personnel  protection  against  blast 
on  the  edge  of  the  fireball  from  a  surface  burst 
has  thus  been  demonstrated. 

(f)  Foundations  and  Footings.  The  small  ob¬ 
served  footing  movements  indicate  that  founda¬ 
tions  and  footings  are  not  a  critical  part  of  the 
structure  when  designing  against  blast. 

8.2.4  Revised  Designs  Based  on  Analysis 

Several  revisions  to  designs  are  indicated  as 
a  result  of  the  preliminary  study.  The  qualita¬ 
tive  revisions  listed  here  can  be  applied  to  con¬ 
ventional  design  with  little  increase  in  cost  of 
construction.  Quantitative  revisions  will  be 
made  on  completion  of  the  analysis. 

Conventionally  arranged  reinforcement  ap¬ 
parently  has  a  number  of  weaknesses  which  re¬ 
quire  modification.  Suggested  studies  for  modi¬ 
fications  are  as  follows: 

1.  Continuity  of  reinforcing  steel  throughout 
structure. 

2.  Redistribution  and  relocation  of  rein¬ 
forcing  steel  throughout. 

3.  Doweling  or  ties  from  vail  to  foundation. 
Revisions  in  the  new  type  or  paneled  structures 
are  as  follows: 

1.  End-wall  ribs  should  project  inward 
rather  than  outward.  Intermediate  ribs  are 
unnecessary. 
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2.  Rib  steel  should  be  continuous. 

3.  Steel  should  have  sufficient  anchorage  to 
transmit  local  load  to  the  support. 

4.  Mesh  edges  should  be  wrapped  around  rib 
reinforcing  bar. 

5.  Rib  steel  should  be  equal  in  the  stem  and 
flange. 

8.3  GENERAL  RECOMMENDATIONS 

The  recommendations  included  here  are 
based  on  conclusions  reached  in  the  prelimi¬ 
nary  study.  Most  of  them  may  be  considered 
final;  some  may  be  revised  upon  completion 
of  the  analysis.  It  is  recommended  that  some 
structural  types  of  the  Navy  project  be  tested 
further  in  order  to  obtain  additional  fundamen¬ 
tal  data  and  to  service-test  the  various  struc¬ 
tural  types.  An  order  of  priority  of  testing  is 
recommended  as  follows: 

1.  Existing  structure  protection. 

2.  Gable  arch. 

3.  Panel  on  bents. 

8.4  SPECIFIC  RECOMMENDATIONS 

Recommendations  are  made  here  to  cover 
specific  areas  of  work. 

8.4.1  Recommended  Overpressures 

The  following  classification  of  damage  is 
used  in  Table  8.1. 

Severe  Damage  —  damage  severe  enough  to 
prevent  completely  the  accomplishment  of  any 
useful  military  function  and  the  repair  of  which 
is  essentially  impossible. 

Moderate  Damage — damage  sufficient  to 
prevent  any  military  use  until  extensive  re¬ 
pairs  are  effected. 

Light  Damage — damage  which  will  not  seri¬ 
ously  interfere  with  the  immediate  military 
operation  of  an  item  but  which  will  require 
some  repair  to  restore  the  item  to  complete 
usefulness. 

The  pressures  listed  in  Table  8.1  apply  to 
Greenhouse  type  structures  with  obvious  weak¬ 
nesses  corrected. 

8.4.2  New  Type  Structures 

The  novel  cellular  panels  in  Structures  3.2.3a 
and  b  exhibited  great  skin  strength.  However, 


the  welded  panel  connections  were  weak,  and 
the  large  amount  of  field  welding  increased 
construction  costs.  Prestressing  may  solve 
both  of  these  problems.  Erection  would  consist 
of  building  up  slabs  from  cells  using  prestress¬ 
ing  cables  and  then  securing  these  slabs  to¬ 
gether  to  form  a  structure.  Use  of  cells  with 
thicker  skins  would  bring  the  slab  strength  up 
to  the  strength  of  the  built-up  panels  of  Struc¬ 
tures  3.2.3a  and  b.  With  stronger  connections, 
such  a  structure  should  be  capable  of  with¬ 
standing  the  22-psi  free-air  pressure  that 
Structure  3.2.3b  was  designed  to  withstand. 

Other  new  structures  showing  promise  in 
resisting  atomic  blast  should  be  tested  as  they 
are  developed. 

8.4.3  Studies  of  Earth  Cover  and  Shapes 

The  value  of  both  earth-cover  and  shaped 
structures  was  apparent  in  this  test.  The  data 
collected  on  Greenhouse  and  other  information 
should  be  studied  carefully  in  order  to  develop 
theories  of  behavior  of  cover  and  effect  of 
shape.  Further  full-scale  tests  are  recom¬ 
mended. 

8.4.4  Instrumentation 

On  the  basis  of  instrumentation  results  on 
Greenhouse,  it  is  recommended  that  structures 
in  all  future  tests  be  instrumented  and  that  in¬ 
strumentation  be  employed  in  the  transverse 
as  well  as  longitudinal  direction.  Much  of  the 
information  reported  here  would  have  been  lost 
had  it  not  been  for  the  excellent  instrumentation 
results. 

8.4.5  Shock-tube  Studies  on  Shaped  Sections 

Arrangements  should  be  made  to  have  shock- 
tube  data  collected  on  the  shapes  used  in  this 
project.  The  present  data  on  the  Structure  3.2.4 
type  shapes  could  be  supplemented  in  tubes 
currently  used.  Three-dimensional  studies  are 
necessary  to  study  end-wall  effects. 

8.4.6  Laboratory 

It  is  believed  that  valuable  data  could  be  col¬ 
lected  in  the  laboratory  by  subjecting  panels  to 
a  dynamic  load.  The  edges  of  the  panels  when 
loaded  should  be  restrained.  Data  concerning 
these  tests  would  be  very  valuable. 


TABLE  8.1  RECOMMENDED  OVERPRESSURES 


Structural  Type 

Damage 

Air  Shock  (psi) 
Free-air  Pressure 

Heavy  bomb-resistant  shelter, 

Severe 

12,000* 

3.2.1a 

Moderate 

10,000t 

Light 

8,000f 

Precast  panels  on  bents, 

Severe 

10* 

3.2.2a 

Moderate 

7t 

Light 

5t 

12-in.  brick  walls  protected  by 

Severe 

14t 

precast  panels,  3.2.2b 

Moderate 

11* 

Light 

8t 

Matchbox  shelter,  3.2.3 

Severe 

13* 

Moderate 

»t 

Light 

7t 

Gable  shelter  (with  cover  add  2  psi). 

Severe 

14t 

3.2.4 

Moderate 

12t 

Light 

10* 

Cylindrical  arch  shelter  (with  cover  add  2  psi), 

Severe 

16t 

3.2.5 

Moderate 

13T 

Light 

10* 

Dome  shelter  (without  cover  subtract  3  psi). 

Severe 

16t 

3.2.6 

Moderate 

14t 

Light 

12* 

Conventional  reinforced-concrete  structure, 

Severe 

6t 

3.2.7b 

Moderate 

4* 

Light 

3t 

Conventional  reinforced-concrete  structure  with 

Severe 

10* 

double  reinforcement,  3.2.7a 

Moderate 

8t 

Light 

6t 

♦Test  results. 

tConsensus  of  qualified  persons. 


It  is  recommended  that  testing  of  materials 
be  accelerated  in  order  to  determine  yield 
strengths  of  all  structural  materials  under 
dynamic  loads.  Particularly  desired  are  data 
on  structural-grade  bolts,  high-yield  mesh, 
and  Intermediate-grade  reinforcing  steel. 

8.4.7  Theoretical  Studies 

Several  theoretical  studies  are  necessary 
to  explore  feasibility  phases  of  the  structure 
types. 

(a)  Economics  of  Precast  vs  Poured-in- 
place  Structures.  Even  though  studies  have 
been  made  on  this  subject,  it  is  recommended 
that  the  precast  types  used  in  this  test  be  com¬ 


pared  economically  with  conventional  buildings. 
It  is  considered  very  likely  that  precast  shelters 
with  a  layer  of  earth  cover  to  provide  additional 
mass,  as  well  as  radiation  protection,  may  be 
more  economical  than  conventional  poured-in- 
place  shelters  where  the  mass  is  an  integral 
part  of  the  structure.  Mass  production  of  pre¬ 
cast  shelters  would  reduce  the  cost  of  pre- 
casting  by  a  factor  of  2  or  3. 

(b)  Advantages  of  Shaped  Structures.  Since 
shaped  structures  are  inherently  more  satis¬ 
factory,  it  is  important  to  study  the  utility  of 
this  type  of  structure.  Comparisons  of  floor 
area,  volume,  costs,  etc.,  should  be  made  with 
conventional  buildings  of  similar  resistance  to 
dynamic  loads. 


Chapter  9 

Summary 


The  structures  of  the  Navy  project  repre¬ 
sented  a  variety  of  types  developed  by  the 
Bureau  of  Yards  and  Docks.  The  various  types 
afforded  studies  of  shape,  earth  cover,  protec¬ 
tion  of  existing  buildings,  degrees  of  strength, 
comparisons  to  conventional  design,  and  many 
local  comparisons.  Thin  concrete  elements 
were  used  extensively,  representing  designs 
which  provided  considerable  savings  in  on-site 
labor  and  material.  The  objectives  of  the  test 
were  to  obtain  fundamental  data  from  the  vari¬ 
ous  types  when  subjected  to  blast  loadings  in 
order  to  check  the  method  of  analysis,  and  to 
observe  the  response  of  the  various  types  un¬ 
der  blast  loadings. 

The  structures  were  designed  and  analyzed 
for  dynamic  loading  under  the  direction  of  A. 
Amirikian,  Consultant  on  Special  Structures 
for  the  Bureau.  Theoretical-loading  curves 
were  prepared  by  Amirikian  based  on  the 
shock-tube  studies  conducted  by  W.  Bleakney 
of  Princeton  University. 

The  precast-concrete  elements  were  fabri¬ 
cated  in  the  United  States  by  Barrett  and  Hilp, 
San  Francisco.  On-site  construction  was  ac¬ 
complished  by  Holmes  and  Narver,  Los  Ange¬ 
les.  LTJG  D.  G.  I selin,  CEC,  USN,  represented 
the  Project  Officer  on  the  site  during  construc¬ 
tion. 

The  structures  were  instrumented  to  record 
transient  changes.  Measurements  of  pressure, 
acceleration,  and  displacement  were  made. 

The  work  was  done  by  the  Sandia  Corporation. 

Before  and  after  the  test  a  thorough  meas¬ 
urement  survey  was  made.  The  purpose  of  the 
survey  was  to  determine  and  record  permanent 
changes  in  the  structures  and  the  structural 


elements.  Survey  instruments  and  still  photog¬ 
raphy  were  used  extensively  during  this  phase 
of  the  operation.  The  survey  measurements 
were  made  by  LT  C.  L.  Hayen,  CEC,  USN; 
LTJG  D.  G.  Iselin,  CEC,  USN;  and  LTJG  P.  J. 
McEleney,  CEC,  USN.  A.  Amirikian  was  at  the 
site  as  technical  consultant. 

After  returning  to  the  United  States,  project 
personnel  evaluated  the  data  collected.  Com¬ 
plete  studies  were  made  to  determine  the  his¬ 
tory  of  response  and  the  methods  of  failure  of 
the  structures.  In  every  case  of  failure  the 
reason  was  determined.  During  these  studies 
the  instrumentation  results  were  invaluable  in 
that  transient  measurements  were  available. 

The  postshot  analysis  was  also  Initiated  im¬ 
mediately  on  return  from  the  Forward  Area. 
Shock-tube  data  were  available  on  the  arch, 
Structure  3.2.5,  and  in  addition  24  instruments 
were  used  in  the  structure,  giving  a  great  deal 
of  information.  It  was  therefore  chosen  as  the 
first  to  be  analyzed.  Structure  3.2.4b  was  ana¬ 
lyzed  next  for  similar  reasons. 

As  a  result  of  the  studies  and  the  analysis, 
several  conclusions  may  be  made.  The  most 
important  is  the  demonstration  of  the  satis¬ 
factory  use  of  thin  concrete  elements  in  pro¬ 
tective  construction.  The  objectives  were  met 
in  that  many  of  the  design  assumptions  were 
corroborated  and  sufficient  data  were  collected 
to  confirm  the  analysis,  while  the  relative 
merit  of  the  structures  was  established. 

The  necessity  for  further  full-scale  testing 
is  apparent.  Shock-tube  studies,  earth-cover 
studies,  and  dynamic  strength-of-materials 
tests  should  be  expanded. 


ImClOFlED. 


Appendix  A 

Notations 


The  following  notations  are  used  generally 
throughout  the  report. 

A.1  DIRECTIONS 


When  standing  with  back  to  blast  and  facing 
structure,  directions  are  as  indicated  in 
Fig.  A.1. 


LEFT  FRONT 

LEFT 

LEFT  REAR 

BLAST_  FRQNT 

STRUCTURE 

REAR 

SHOT 

RIGHT  FRONT 

RIGHT 

RIGHT  REAR 

Fig.  A.X  Plan  View,  Showing  Directions 


A.2  NOTATIONS  USED  IN  ANALYSIS 

A  =  surface  area  of  slab  or  beam 
As  =  area  of  tensile  reinforcement 
Cf  =  coefficient  of  sliding  friction  of 
structure  on  ground 

d  =  width  or  depth  of  rectangular  struc¬ 
ture 

d'  =  extension  of  footing  outside  of  wall 


Ec  =  modulus  of  elasticity  of  concrete 
F  =  total  force  acting  to  move  structure 
or  component 

f  =  net  force  causing  motion  of  unit  area 
fc  =  ultimate  compressive  strength  of 
concrete 

h  =  height  of  rectangular  structure 
h'  =  depth  of  footing 
Ic  =  moment  of  inertia  of  unit  width  of 
concrete  members 

Im  =  mass  moment  of  inertia  of  structure 
about  an  axis  of  rotation 
L  =  length  of  rectangular  structure 
l  =  length  of  one-way  slab  or  beam 
lx  =  length  of  short  side  of  two-way  slab 
or  plate 

/|  =  length  of  long  side  of  two-way  slab 
or  plate 

Mp  =  total  moment  of  roof  pressure  about 
front  edge  of  roof 

Mr  =  resisting  moment  at  yield  stress  per 
unit  width  of  slab  or  beam 
Mt  =  total  overturning  moment  on  struc¬ 
ture 

Ph  =  total  pressure  on  front  wall 
Pm  =  total  pressure  on  rear  wall 
Pv  =  total  pressure  on  roof 
p  =  unit  pressure,  above  atmospheric, 
on  a  surface 

p0  =  peak  pressure,  above  atmospheric 
q  =  modulus  of  resistance 
R  =  total  resistance  to  motion  of  struc¬ 
ture  in  translation 

r  =  ratio  of  volume  of  reinforcing  steel 
to  volume  of  concrete,  also  a  con¬ 
stant  used  in  the  solution  of  equa¬ 
tions  of  motion 

S  =  stress  per  unit  width  of  resisting 
steel  in  slab  or  beam 
t  =  time  measured  in  seconds 


t4  =  time  for  reflected  pressure  on  front 
face  to  drop  to  p0 

t'  =  time  for  shock  wave  to  travel  from 
front  face  to  center  of  rear  face 
v  =  velocity 
vt  =  velocity  at  time  tj 
v'  =  velocity  of  shock  wave 
va  =  allowable  unit  shearing  stress  in 
concrete 

vc  =  unit  shearing  stress  in  concrete 
W  =  total  weight  of  structure  or  com¬ 
ponent  part 
w  =  unit  weight 

x  =  displacement  of  structure  in  direc¬ 
tion  of  shock  wave 


y  =  displacement  of  center  of  slab  or 
beam  relative  to  its  supports 
y'  =  displacement  of  any  point  on  slab  or 
beam  relative  to  its  supports 
a  =  acceleration 
0  =  reduction  factor  for  area 
=  reduction  factor  for  weight 
y  -  resistance  factor 
Aj  =  displacement  at  time  t, 

6  =  maximum  uplift  at  front  footing 
8  =  angular  displacement  of  structure 
r  =  duration  of  positive  phase  of  shock 
wave 
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Appendix  B 


Method 


of  Analysis  for 


Resistance  to  Blast 


B.l  PROCEDURE  OF  ANALYSIS 

B.1.1  General  Phases  of  Investigation 

The  analysis  of  a  structure  under  blast  in¬ 
volves  two  main  investigations:  strength  and 
stability. 

The  strength  computation,  in  turn,  may  be 
divided  into  two  parts:  (1)  local  strength  or  the 
resistance  of  individual  members  and  (2)  over¬ 
all  strength  of  the  framing  or  assembly. 

The  investigation  of  stability  will  include  (1)  a 
study  for  stability  against  sliding  and  (2)  a  study 
for  stability  against  rotation  or  overturning. 

B.l. 2  Concept  of  Deformation 

In  order  to  ascertain  the  strength  of  a  fram¬ 
ing  arrangement,  the  strength  of  each  individual 
member  must  first  be  considered.  Assuming 
that  the  member  will  have  adequate  supports 
for  transfer  of  its  load,  then  the  problem  be¬ 
comes  a  study  of  anticipated  deformations  of 
the  member  relative  to  its  supports.  The  pos¬ 
sibility  of  shear  failure  in  short  deep  members 
should  nui  be  overlooked,  however.  A  check  for 
shear  is  given  in  Sec.  B.3  (Eqs.  B.37  and  B.38). 
Under  an  impulse  loading,  the  strength  behavior 
of  the  member,  or  its  capacity  to  absorb  an 
impulse  loading,  will  be  governed  in  a  large 
measure  by  its  ductility.  That  is  to  say,  the 
larger  the  deformation  or  axial  elongation  of 
the  member  and  the  larger  the  corresponding 
sag  or  deflection,  the  greater  is  the  capacity 
the  member  to  absorb  the  imposed  loading.  The 
ductility  of  a  reinforced-concrete  member  to 
produce  desired  deformations  for  resistance  is 
governed  by  the  ductility  of  its  reinforcement. 

When  a  fully  fixed  reinforced-concrete  mem¬ 
ber  is  subjected  to  an  impulse  loading  many 


times  greater  than  its  elastic  resistance,  the 
member  will  pass  through  three  stages  of  de¬ 
formations:  (1)  an  initial  stage  corresponding 
to  elastic  behavior,  (2)  an  intermediate  stage  of 
partly  elastic  and  partly  plastic  behavior,  and 
(3)  a  final  stage  of  wholly  plastic  behavior.  In 
the  first  stage,  the  member  will  behave  as  a 
fully  restrained  element,  developing  maximum 
resisting  moments  at  the  supports.  This  period 
of  elastic  behavior  terminates  when  the  end 
moments  reach  the  ultimate  elastic  capacity  of 
the  section. 

As  the  deformations  increase,  the  resisting 
moments  at  the  supports  will  increase  to  the 
plastic  capacity  of  the  section,  and  the  rein¬ 
forcement  will  deform  locally  to  form  plastic 
hinges  at  these  locations.  As  a  result,  the  ends 
will  rotate  and  the  member  will  deflect,  as  in 
the  case  of  a  simply  supported  beam.  This  is 
the  second  stage  of  deformation. 

When  the  plastic  moment  capacity  of  the 
section  at  the  center  of  the  span  is  reached,  the 
member  enters  into  its  final  stage  of  deforma¬ 
tion,  characterized  by  extensive  cracking  and 
over-all  elongation  of  the  reinforcement.  The 
passage  from  the  intermediate  to  the  final  stage 
of  deformation  is  accompanied  by  a  loss  in 
moment  capacity  and  an  increase  in  axial 
tension. 

With  continued  deformations,  the  moment 
resistance  rapidly  diminishes  to  a  negligible 
value,  and  the  member  axially  elongates  in  the 
form  of  a  simple  parabolic  curve.  Failure  will 
generally  occur  by  rupture  of  the  reinforcement 
similar  to  a  bar  in  tension.  If  a  factor  is  ap¬ 
plied  against  the  maximum  deflection  to  prevent 
such  failure,  then  the  resulting  deformation 
may  be  considered  as  a  limiting  condition  in 
obtaining  a  practical  or  working  resistance  in 
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design.  This  deformation  may  be  stated  in 
terms  of  axial  elongation,  or  by  unit  strain.  Al¬ 
though  the  reinforcement  does  not  elongate  uni¬ 
formly,  the  average  unit  strain  can  be  obtained 
by  dividing  the  total  elongation  of  the  reinforce¬ 
ment  by  the  over -all  length  of  the  member.  A 
maximum  deflection  of  one -tenth  of  the  span 
length  is  suggested  as  a  limiting  value,  corre¬ 
sponding  to  an  average  elongation  of  about  2.8 
per  cent.  This  value  may  be  modified  after 
further  experimentation. 

Explanation  of  the  notations  used  in  the  fol¬ 
lowing  discussion  may  be  found  in  Appendix  A. 

B.1.3  Modulus  of  Resistance 

Figure  B.l  illustrates  the  foregoing  concept 
of  deformation  of  a  member.  The  deflection 
curve  shown  in  Fig.  B.la,  corresponding  to  the 
first  stage  of  deformation,  may  be  considered 
as  that  due  to  a  uniformly  distributed  load  qa. 
The  deflection  at  the  center  of  the  span,  ya, 
will  then  equal 


Ya  = 


in  which  Ec  is  the  modulus  of  elasticity  and  Ic 
is  the  moment  of  inertia  per  unit  width  of 
member.  Then 


<U=^ya 


In  Fig.  B.lb,  the  deformation  indicated  by  the 
dashed  line  represents  the  beginning  of  plastic 
deformation,  where  the  moments  at  the  sup¬ 
ports  have  reached  their  ultimate  plastic  or 
yield  value,  Mr.  The  full  line  represents  the 
beginning  of  the  transitional  period.  At  this 
point  the  deflection  is  yj,i,  which  again  may  be 
considered  as  produced  by  the  load  qt,i .  The 
relation  between  qb  and  yb  is  then  given  by 


192EcIc 

qbl  =  T1  ybl 


(B.l) 


Figure  B.lc  shows  the  transitional  stage  in 
which  it  is  assumed  that  the  member  continues 
to  deflect  under  a  constant  load  qc.  The  value 
of  this  load  may  be  expressed  either  in  terms 
of  Mr  obtained  at  the  beginning  of  the  period  or 
in  terms  of  a  reduced  moment,  Mr,  and  an  axial 


tension,  S'.  It  is  known  that  the  total  stress  in 
the  reinforcement  resulting  from  both  sources 
01  strain  will  remain  constant  and  equal  to  the 
yield-value  strength  of  the  steel  in  this  period. 
However,  since  the  relation  between  M'r  and  S' 
cannot  be  clearly  defined  and  conveniently  ex¬ 
pressed,  the  value  of  yc  may  be  obtained  from 
Mr  alone.  Thus 


<lc  = 


16Mr 


(B.2) 


Figure  B.ld  shows  the  final  stage  of  defor¬ 
mation  where,  owing  to  extensive  cracking,  no 
appreciable  resisting  moments  exist.  The  re¬ 
lation  between  deflection  and  load  will  then  be¬ 
come 


Qd  =  ~JT  yd  (B.3) 

in  which  S  is  the  ultimate  yield  strength  of  the 
reinforcement  per  unit  width. 

In  the  relations  given  above,  the  load  q  is  a 
measure  of  strength  of  the  member  and  ac¬ 
cordingly  may  be  called  the  modulus  of  re¬ 
sistance  of  the  member,  or  simply  the  resist¬ 
ance. 

The  relation  between  resistance  and  deflec¬ 
tion  throughout  the  full  range  of  deformations 
is  shown  diagrammatically  in  Fig.  B.2.  Here 
the  line  OA  indicates  the  first  or  elastic  stage; 
AB,  the  partly  elastic  and  partly  plastic  stage; 
BC,  the  transitional  period;  and  CD,  the  final  or 
fully  plastic  stage  of  deformation.  At  point  C, 
qc  is  equal  to  q<j.  Hence,  from  Eqs.  B.2  and  B.3 


16Mr 


8S 


=  7*"yci 


from  which 


2Mr 

ycl  «-g“ 


(B.4) 


If  the  effect  of  resisting  moments  is  neg¬ 
lected,  then  the  deflection-load  relation  will  be 
represented  by  the  straight  line  OCD,  Fig.  B.2. 
This  is  the  case  for  a  relatively  thin  element 
supported  on  two  ends. 

In  the  case  of  a  thin  framing  element  sup¬ 
ported  on  four  sides  (Fig.  B.3),  such  as  a  re- 


inforced-concrete  slab  of  small  depth,  or  a 
steel  plate,  the  moments  Mr  will  have  only  a 
negligible  effect  on  the  resistance  of  the  mem¬ 
ber  and  hence  may  be  omitted  in  the  resistance 
equation.  Under  large  plastic  deformations 
such  an  element  will  deflect  as  a  membrane. 
The  deflection  y'  at  any  point  (x,z)  is  given  by 

,  4qfJ 

y  =W 

11=1,3,5 


cosh  (mrz/J  t)  mix 

cosh  (nir/j/2/!)  l( 


and  at  the  center 


n=l,3,5 


^  j  j(n-l )  /2 
n3 


cosh  (mli/2li) 


From  which  the  modulus  of  resistance,  q,  is 
obtained  as 


q  = 


ir’Sy 


«  2 


(_l)<n-l)/2 


cosh  (nTr/j/2^) 


n-1,3,5 


or 


q  =  ^  (B.5) 

Values  of  the  resistance  factor  y  are  given  in 
Fig.  B.4. 

B.1.4  Fundamental  Relation  of  Motion 

The  effect  of  q  is  that  of  a  negative  force, 
acting  in  an  opposite  direction  to  the  applied 
load  p.  The  net  force  f,  equaling  p  -  q,  will 
then  represent  the  accelerating  force  of  a  unit 
mass,  w/g.  Thus 


which  is  the  fundamental  relation  of  motion. 

For  a  unit  area  located  at  a  distance  x  from 
the  supports,  the  displacement  y'  will  diminish 
from  y  to  0.  Assuming  that  the  ratio  of  y'  to  y 
during  the  period  of  motion  remains  constant,  it 
is  then  possible  to  express  the  motion  of  any 


point  in  terms  of  the  motion  at  the  center  line 
by  means  of  a  reduction  factor  applied  to  the 
unit  area  and  the  unit  mass  at  that  point.  That 
is  to  say,  the  equation  of  motion  for  a  unit  area 
having  a  displacement  y'  may  be  written  as  that 
of  an  equivalent  reduced  area  having  the  same 
displacement  y  at  the  center  and  an  equivalent 
reduced  mass  having  the  corresponding  accel¬ 
eration  a.  Thus 

f'  =  0(p  -  q)  =  &  jjf  a 

where  0  is  the  reduction  factor  for  area,  and  0t 
is  the  reduction  factor  for  mass.  Then  the  ex¬ 
pression  of  motion  for  the  entire  member  be¬ 
comes 


F  =  0A(p  —  q)  =  0i  ~  (B.6) 

in  which  A  is  the  total  surface  of  the  member, 
W  its  total  weight, 


0  = 


■f  y'  dA 
yA 


and 


„  .  f  (y')f  dw 

*  “  yJW 

For  a  one-way  slab,  or  beams,  0  =  */j  and  0t  = 
*/tl.  For  two-way  slabs,  values  of  0  and  04  for 
various  length-to-width  ratios  are  given  in 
Fig.  B.4. 


B.2  APPLICATIONS  OF  ANALYSIS  FOR 
RESISTANCE  TO  BLAST 

Having  established  the  fundamental  relation 
of  motion  pertaining  to  a  local  element,  the  next 
step  of  the  analysis  consists  in  the  application 
of  the  relation  to  various  conditions  of  blast 
loading.  For  this  purpose,  use  will  be  made  of 
a  simple  rectangular  building  having  vertical 
walls  and  a  flat  roof,  as  shown  in  Fig.  B.5.  The 
critical  condition  of  each  wall  would  be  an  ori¬ 
entation  or  exposure  to  frontal  attack  of  the 
blast  wave. 
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B.2.1  Case  I:  Front  Wall 

(a)  Condition  1,  Moment  Resistance  Neg¬ 
lected.  The  relation  between  load  and  defor¬ 
mation  Is  given  by  the  straight  line  OD  of  the 
resistance  diagram  shown  in  Fig.  B.2.  The 
pressure-time  curve  for  this  case  is  shown 
in  Fig.  B.5.  The  pressure  p,  in  period  t,  is 
given  by 

Pi  =  P.  (3  -  2  i)  (B.7) 

and  that  in  period  t,  is 

P*  =  P«(I^i)  (B.8) 


Assuming  that  the  wall  framing  consists  of  a 
slab  reinforced  in  one  direction  (in  the  direc¬ 
tion  of  h),  the  equation  of  motion  corresponding 
to  the  two  time  periods  is  then  obtained  by 
substitution  in  Eq.  B.6  of  the  values  of  p  given 
by  Eqs.  B.7  and  B.8  and  the  value  of  q  given  by 
Eq.  B.3. 


(B.9) 


or  in  the  general  form 

+  r*y  =  a  -  bt 
at 


(B.10) 


in  which  d*y/<ttl  is  the  acceleration  a,  r1  = 
80gAS//3,h*W,  and  a  and  b,  for  the  periods  t, 
and  t],  are 


(B.ll) 

41  =  (^)  P#)  "*  =  (&)  P° 

The  general  solution  of  this  ordinary  differ¬ 
ential  equation  is  in  the  form 


y  =  Cj  sin  rt  +  c,  cos  rt  + 


a  -  bt 


(B.12) 


^  =  r(c,  cos  rt  -  Cj  sin  rt)  -  p  (B.13) 

The  values  of  the  two  constants  ct  and  Cj  are 
obtained  from  the  consideration  t  =  0,  y  =  0; 
t  =  0,  dy/dt  =  0;  which  gives 


Substituting  these  values  in  Eqs.  B.12  and  B.13, 
the  displacement  and  velocity  equations. 

y  =  r*  [bl  - 1)  +  ai(1  _  cos  rt)]  (B.14) 

^  =  p  [b,(cos  rt  -  1)  +  a,r  sin  rt]  (B.15) 

are  obtained.  Similarly,  in  the  period  t,, 

y  =  Cj  sin  rt  +  c,  cos  rt  +  ^  (B.16) 

^  =  r(c«  cos  rt  -  c4  sin  rt)  -  (B.17) 

at  r* 

The  constants  c,  and  c,  are  determined  from 
the  fact  that  at  the  beginning  of  this  period  the 
displacement  and  velocity  will  be  the  same  as 
the  respective  values  at  the  end  of  the  first 
period,  as  given  by  Eqs.  B.14  and  B.15,  and 
where  t  =  t,.  Let  A,  indicate  the  displacement 
y,  andV,  the  velocity  dy/dt  at  the  end  of  the 
period  t,;  then 


c>  sin  rtt  +  c4  cos  rti  =  A, 


a?  “Vi 

r* 


Cj  cos  rt,  -  c4  sin  rt,  = 


r 


+ 


b* 

r* 


from  which 


c,  =  sin  rt,  (a,  -  a> 

+  cos  rt,  (B.18) 


c4  =  cos  rt,  ^A,  -  -  sin  rt,  +  p) 


. 
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The  motion  may  stop  in  either  the  first  or  the 
second  period.  Assuming  that  the  latter  is  the 
case,  the  value  of  t,  the  time  in  the  period  tj 
when  motion  stops,  can  be  obtained  from  Eq. 
B.17. 


by  the  line  OB,  the  relation  between  deflection 
and  load  is  then  given  by 
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(B.20) 


—  =  r(c,  cos  rt  -  c4  sin  rt)  -  -r  =  0  (B.19) 

dt  r* 


or  an  approximate  value  from  the  relation 


cos  rt  = 


In  general,  the  motion  of  walls  reinforced  in 
one  direction  will  stop  in  the  second  period.  On 
the  other  hand,  in  the  case  of  a  thin  slab  or  a 
steel  plate  supported  on  four  sides,  the  motion 
will  generally  stop  in  the  first  period.  How¬ 
ever,  an  investigation  should  be  made  in  all 
cases  to  ascertain  whether  or  not  the  motion 
stops  during  the  first  period.  This  can  be 
accomplished  by  equating  dy/dt  in  Eq.  B.15  to 
zero  and  solving  for  t.  If  the  smallest  value  of  t 
thus  obtained  is  less  than  t1(  then  the  motion 
stops  in  the  first  period,  and  the  magnitude  of 
the  final  displacement  is  obtained  from  Eq. 

B.14. 

In  the  case  of  a  slab  supported  on  four  sides, 
the  derivations  presented  above  apply,  with  due 
allowance  for  the  changes  in  the  resistance 
factor  y  and  reduction  factors  0  and 

( b )  Condition  2,  Moment  Resistance  Con¬ 
sidered.  The  relation  between  load  and  de¬ 
flection  for  this  case  is  shown  by  the  broken 
line  OABCD  of  the  resistance  diagram  in  Fig. 
B.2.  It  is  to  be  noted  that  part  OAB  is  predi¬ 
cated  on  the  use  of  a  constant  moment  of  in¬ 
ertia  Ic.  Obviously  this  condition  of  constant 
moment  of  inertia  cannot  prevail  throughout 
this  range  of  the  deformation  because  of  the 
continued  cracking  of  the  concrete.  If  Ic  at  each 
stage  of  the  deformation  is  modified  to  its 
actual  value,  line  OA  would  tend  to  shift  toward 
line  OB;  that  is  to  say,  for  the  same  load  there 
would  be  larger  deflections  than  indicated  by 
the  diagram.  Since  it  is  not  practicable  to  de¬ 
termine  the  true  position  of  the  resistance  line, 
it  may  be  taken  as  the  straight  line  OB,  using  a 
constant  value  for  Ic  predicated  on  the  full  sec¬ 
tion  of  the  member.  In  the  period  represented 


The  purpose  of  the  analysis  is  to  determine 
the  extent  of  maximum  deflection  which,  as  ex¬ 
plained  above,  occurs  when  the  motion  in  the 
direction  of  the  applied  pressure  stops,  i.e., 
when  dy/dt  =  0.  If  the  resistance-deflection  and 
pressure-time  relations  were  continuous  func¬ 
tions,  it  would  be  possible  to  determine  the 
maximum  deflection  in  one  operation  by  placing 
the  value  of  dy/dt  in  Eq.  B.15  equal  to  zero  and 
solving  for  y  by  Eq.  B.  14.  However,  due  to  the 
discontinuity  of  the  resistance  line  at  points  B 
and  C,  it  becomes  necessary  to  determine  the 
time  and  the  attained  velocity  at  these  two 
points  before  proceeding  to  the  next  stage  of 
deformation. 

As  in  the  previous  case,  owing  to  the  dis¬ 
continuity  in  the  pressure-time  curve,  it  will 
also  be  necessary  to  determine  the  deflection 
and  the  attained  velocity  at  the  time  tj. 

The  analysis  of  motion  corresponding  to  the 
resistance  line  OB  in  Fig.  B.2  is  the  same  as 
in  the  preceding  case.  During  this  period  the 
resistance  q  is  given  by  Eq.  B.20.  Accordingly 


r 


> 
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(B.21) 


and  the  values  of  at  and  bt  remain  the  same  as 
given  by  Eqs.  B.ll.  Substituting  the  value  of  ybl 
for  y  in  Eq.  B.14 


+  at(l  -  cos  rtbi)j  (B.22) 

From  this  equation  the  value  of  tbi  is  ob¬ 
tained  by  trial.  The  velocity  Vbi  at  the  end  of 
this  period  is  determined  by  substituting  the 
value  of  tbl  in  Eq.  B.15. 

In  the  period  corresponding  to  the  resistance 
line  BC,  the  resistance  is  constant,  and  the 
equation  of  motion  takes  the  form 


Ossified 


If  the  discontinuity  in  the  pressure-time  rela¬ 
tion  should  occur  in  this  period,  then,  during  the 
interval  t2,  Eq.  B.23  becomes 

<«•> 


Equations  B.23  and  B.24  may  be  written  in  the 
general  form 


in  which  b,  for  the  periods  t2  and  t2,  is  given  by 
Eqs.  B.ll  and  a  is  given  by 
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The  general  solution  of  the  ordinary  differen¬ 
tial  equation  is  in  the  forms 


a.t1  bjt* 

y  =  cj  +  c4t  +  |— 


dy  .  bjt* 


The  values  of  c2,  c4,  tci,  and  Vci  are  obtained 
in  the  same  manner  as  before. 

In  the  final  period  of  deformation,  indicated 
by  the  resistance  line  CD,  the  equation  of 
motion  is 


|?  +  rIy  =  aJ-blt 


in  which 


ri  =  §g&AS 

0lh*W 


and  a2  and  b2  are  given  by  Eqs.  B.ll.  The  solu¬ 
tion  of  Eq.  B.25  is 


,  at1  bt3 
y  =  c2  +  c2t  +  -g  g- 


a*  —  bjt 

y  =  Cj  sin  rt  +  c4  cos  rt  +  — ^ —  (B.31) 


dy  .  btJ 

dt  =c*  +  at-T 


dy  b2 

—  =  r(c4  cos  rt  -  c4  sin  rt)  -  (B.32) 


The  values  of  the  constants  c2  and  c2  are  ob¬ 
tained  from  the  consideration  t  =  tbi ,  y  =  ybi » 
and  dy/dt  =  Vbl,  which  gives 

atii  bt?, 

cl  =  Ybl  -  citbl - g-  +  - g— 


C|  =  Vbi  -  atbi  + 


The  values  of  the  displacement  A2  and  the  ve¬ 
locity  V2  are  found  by  substituting  t2  for  t  in 
Eqs.  B.15  and  B.17. 

The  time  tci  and  the  velocity  Vci  corre¬ 
sponding  to  the  end  of  this  period,  at  point  C  on 
the  resistance  line,  are  obtained  as  in  the  pre¬ 
ceding  step  by  replacing  the  constants  c2  and  c2 
by  new  constants  c2  and  c4.  Thus 


Values  of  the  constants  c4  and  c4  are  determined 
from  the  condition  at  the  beginning  of  this  pe¬ 
riod,  when  y  =  ycl ,  t  =  tcl,  and  dy/dt  =  Vci. 

The  maximum  deformation  is  then  found  by 
determining  the  time  at  which  dy/dt  =  0  in  Eq. 
B.32  and  by  solving  Eq.  B.31  for  y  using  the 
obtained  value  of  t. 

In  the  foregoing  analysis  it  was  assumed  that 
the  point  of  discontinuity  of  the  pressure-time 
curve,  corresponding  to  time  tt,  would  occur  in 
the  period  defined  by  the  resistance  line  BC  in 
Fig.  B.2.  However,  it  may  occur  in  any  one  of 
the  three  periods.  As  the  time  in  each  step  is 
determined,  a  comparison  with  the  time  t2  will 
indicate  whether  the  pressure  discontinuity 
occurs  in  ti,-»t  period. 

It  is  to  he  ,iOted  that  the  motion  may  stop  in 
any  one  of  the  three  periods  of  resistance. 
Should  it  occur  in  the  first  period  of  resistance, 
indicated  by  line  OB  in  Fig.  B.2,  the  member 
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may  be  considered  as  overdesigned,  necessi¬ 
tating  a  revision  of  the  section.  II  the  motion 
should  stop  in  the  second  period  of  resistance, 
indicated  by  line  BC,  the  design  may  be  con¬ 
sidered  conservative.  For  an  economical  design 
it  would  be  desirable  to  so  proportion  the  sec¬ 
tion  that  the  motion  will  stop  in  the  third  period 
of  resistance,  indicated  by  line  CD,  provided 
that  the  maximum  allowable  deformation  is  not 
exceeded. 

For  an  approximate  analysis  the  resistance 
line  OD  in  Fig.  B.2  may  be  substituted  for  the 
broken  line  OBCD,  in  which  case  Condition  1 
will  apply. 

B.2. 2  Case  II:  Roof 

The  pressure -time  curve  for  this  case  is 
shown  in  Fig.  B.6.  The  pressure  pj,  in  period 
tx,  is  given  by 

(Ml  <bmi 

and  in  the  period  t  -  tj  by 


(B.34) 


It  will  be  expedient,  in  this  case,  to  measure  the 
time  from  the  instant  the  shock  wave  reaches 
the  section  x  under  consideration.  That  is,  for 
t  =  0,  pj  =  Po,  and  Eqs.  B.33  and  B.34  become 

<B-35> 


and 


The  analysis  is  carried  out  in  the  same 
manner  as  for  Case  I.  The  time  ti  now  be¬ 
comes  tx,  and  tj  becomes  r  -  tx;  Eqs.  B.35  and 
B.36  replace  Eqs.  B.7  and  B.8  in  computing  the 
values  of  the  constants  a  and  b. 

Since  the  drop  in  pressure  is  a  function  of  tx 
which,  in  turn,  varies  directly  with  the  distance 
x  measured  from  the  front  face  of  the  building, 
the  most  severe  condition  of  loading  will  occur 


over  the  area  of  the  roof  adjacent  to  the  rear 
wall. 

If  the  main  reinforcement  is  parallel  to  the 
short  dimension  of  the  roof,  d  in  Fig.  B.6,  the 
orientation  of  the  blast  wave  should  be  parallel 
to  the  long  sides.  The  dimension  x  will  then  be 
taken  as  L.  Since  the  roof  slab  will  receive 
support  from  the  end  wall,  the  value  of  x  should 
be  taken  as  somewhat  less  than  L,  say,  L  minus 
six  times  the  thickness  of  the  roof  slab. 

It  should  be  noted  that  the  pressures  shown 
in  Fig.  B.6  are  for  transverse  sections  of  the 
roof  and  that  for  the  unit  strip  used  in  the  anal¬ 
ysis  the  pressure  will,  in  reality,  be  variable 
across  the  width  of  the  strip.  This  variation 
could  be  neglected  in  the  analysis,  and  the 
pressures  as  given  by  Eqs.  B.35  and  B.36  may 
be  assumed  constant  across  the  width  of  the 
strip.  Numerical  examples  may  be  cited,  as 
follows: 

Example  1  —  Front  Wall,  Moment  Resistance 
Neglected.  Let  h  =  10  ft,  d  =  20  ft,  L  =  40  ft, 
and  p0  =  10  psi  or  1440  psf.  From  Figs.  B.7 
and  B.8,  t  =  0.58  sec,  and,  from  Fig.  B.9,  t4  = 
Vj*  sec. 

Assuming  a  6-in.-thick  concrete  wall  with 
one-way  reinforcing  of  */«-in.  round  bars  spaced 
vertically  at  6-in.  centers  at  the  center  of  the 
slab,  then,  for  a  strip  1  ft  wide,  A  =  10  sq  ft, 

W  =  750  lb,  As  =  0.88  sq  in.,  and,  using  a  yield 
value  of  50,000  psi,  S  =  44,000  lb,  0  =  Vo,  Pi  = 

*/«,  and  g  =  32.2  ft/sec1. 

Then  rl  =  1889,  at  =  2318,  b,  =  54,096,  A,  = 
0.6359  ft,  Vt  =  31.086  ft/sec,  a,  =  813,  b,  =  1401, 
Cj  =  0.4512,  and  c4  =  -0.6198.  From  Eq.  B.19 
the  motion  stops  when  sin  rt  =  0.6064  and 
cos  rt  =  -0.7952,  from  which  t  is  found  co  be 
0.0573  sec,  and  the  final  value  of  y  is  1.18  ft, 
which  is  slightly  over  the  allowable  value. 

For  comparison,  the  same  member  will  be 
reviewed  taking  into  consideration  the  resisting 
moments. 

Example  2 — Front  Wall,  Moment  Resistance 
Considered.  Assuming  Ec  =  4,000,000  psi  and 
l'c  =  4000  psi,  ECIC  =  6,000,000  ft*-lb,  and  Mr  = 
9000  ft-lb,  then  ybi  =  0.0125  ft,  q  =  115,200y, 
r*  =  61,824,  at  =  2318,  and  b4  =  54,096.  Solving 
Eq.  B.22  by  trial,  tbi  =  0.003433  sec,  and,  from 
Eq.  B.15,  Vbi  =  6.7263  ft/sec. 

Then  yc  =  0.4091,  qc  =  1440,  at  =  1546,  bt  = 
54,096,  ct  =  -0.0022,  and  Cj  =  1.7377.  Placing 
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SHOCK  FRONT 


Fig.  B.6  Pressure -Time  Relation  for  Roof  of  Structure 


t'  =  ‘7/(d  +  £)>  FOR  h^L 
t'=  -Jv  (d  +  ^),  FOR  h  >  L 


B.7  Pressure-Time  Relation  for  Rear  Face  of  Structure 


y  =  yc  =  0.4091  in  Eq.  B.26,  t  =  0.02609  sec, 
which  is  smaller  than  tt;  hence  the  point  of  dis¬ 
continuity  of  the  pressure-time  curve  occurs  in 
the  final  period  of  deformation.  From  Eq.  B.27, 
dy/dt  =  26.6615  at  point  C.  The  value  of  r*  in 
the  final  period  is  1880,  and,  from  Eqs.  B.ll, 
a,  =  2318,  b,  =  54,096,  a,  =  813,  and  b,  =  1401. 

The  values  of  the  constants,  determined  from 
the  conditions  at  the  beginning  of  this  period, 
are  c5  =  0.4450  and  c«  =  -1.1203.  For  t  =  tt, 

=  0.4680  ft  and  Vt  =  23.6883  ft/sec.  The 
constants  cf  and  c4  are  then  determined  from 
Eqs.  B.31  and  B.32,  using  the  known  values  of  y 
and  dy/dt  at  the  time  tt,  from  which  cs  =  0.2373 
and  Cj  =  -0.5130.  The  motion  stops  when  t  = 
0.0616  sec,  and  the  final  value  of  y  is  0.95  ft. 
Since  this  value  is  less  than  one -tenth  of  the 
span,  the  design  is  adequate. 

Example  3 — Front  Wall,  Slab  Supported  by 
Heavy  Members  on  Four  Edges.  Let  h  =  10  ft, 
d  =  20  ft,  L  =  40  ft,  and  pj  =  20  psi  or  2880  psf. 
It  is  then  found  that  r  =  0.49  and  tj  =  Vjs  sec. 
Assuming  a  3/1#-in.  steel  plate  8  ft  high  and  4  ft 
wide  in  the  front  wall,  A  =  32  sq  ft,  W  =  244.8 
lb,  S  =  67,50°  lb/ft  (yield  value  of  30,000  psi  is 
taken  for  plate  steel);  lj/li  =  2.0,  and,  from 
Fig.  B.4,  y  =  8.8,  /3  =  0.5,  and  jlj  =  0.338.  Then 
r*  =  231,128,  a,  =  53,790,  and  b,  =  1,255,100. 
Equating  dy/dt  in  Eq.  B.15  to  zero,  t  =  0.00633, 
which  is  less  than  tj.  Hence  the  motion  stops  in 
the  first  period,  and  y  at  the  end  of  motion  is 
0.43  ft.  Since  this  value  of  y  is  only  slightly 
larger  than  one -tenth  of  the  short  span,  the 
design  is  considered  to  be  adequate. 

B.3  ANALYSIS  FOR  OVER-ALL  STRENGTH 
AGAINST  BLAST 

In  the  local  investigation  of  strength,  it  was 
assumed  that  the  members  would  have  adequate 
support  and  anchorage  to  justify  the  concept  of 
deformation  and  the  mode  of  failure  outlined  in 
the  preceding  analysis.  This  requirement  will 
be  met  by  making  the  reinforcing  of  the  mem¬ 
ber  continuous,  or  spliced  for  full  strength,  be¬ 
tween  its  supports  and  by  providing  an  end 
anchorage  capable  of  development  of  the  full  or 
ultimate  strength  of  the  reinforcing. 

In  addition,  it  was  assumed  that  the  supports 
would  not  displace  during  local  bending  of  the 
member  and  that  there  would  be  no  appreciable 
participation  in  the  over-all  bending  of  the 


framing  as  a  whole.  In  so  far  as  the  first  con¬ 
dition  is  concerned,  it  Is  a  conservative  and 
wholly  justifiable  assumption  for  members 
framed  to  strong  elements,  such  as  transverse 
walls  and  floors.  The  other  assumption  will  be 
satisfied  if  the  framing  is  so  arranged  that 
under  a  lateral  loading  the  deformations  of 
frames  composed  of  floors  ar.d  transverse 
walls  become  very  small  in  comparison  with 
the  corresponding  deformations  of  bents  com¬ 
posed  of  local  elements. 

In  connection  with  the  latter  consideration,  it 
is  to  be  noted  that  in  order  to  provide  the  nec¬ 
essary  strength  to  resist  strong  atomic  blast 
the  use  of  strong  frames  comprising  structural 
floors  and  transverse  walls  becomes  almost 
mandatory.  The  analysis  presented  here  con¬ 
templates  the  use  of  this  type  of  framing. 

In  conformity  with  the  foregoing  concept, 
floors  are  considered  as  girders,  transmitting 
the  loads  from  local  members  to  the  transverse 
walls.  These  loads  are  then  carried  to  the 
foundations  through  the  walls,  by  either  frame 
or  cantilever  action.  If  the  transverse  walls 
are  placed  no  farther  apart  than,  say,  three 
times  the  width  of  the  floor,  then  the  problem 
of  strength  will  be  primarily  that  of  shear. 
Accordingly,  the  needed  investigation  may  be 
confined  to  shear  strength  only. 

There  is  little  information  available  regard¬ 
ing  the  shear  strength  of  materials  under 
dynamic  loading.  Until  such  data  are  obtained, 
use  will  be  made  of  values  deduced  from  static 
tests.  For  reinforced  concrete  an  allowable 
working  value  for  shear  is  given  by  the 
formula* 

va  =  fs(0.005  +  r)  (B.37) 

where  va  =  allowable  unit  shearing  stress 
fs  =  allowable  stress  in  steel 
r  =  ratio  of  volume  of  steel  to  volume 
of  concrete 

In  this  investigation  fs  may  be  taken  as  the 
yield  value  of  the  steel,  and  the  unit  shear  is 
computed  by  dividing  the  total  shear  by  the 
cross-sectional  area  of  the  floor  or  wall. 

The  maximum  shears  in  the  floors  and  walls 
occur  at  the  instant  the  shock  wave  strikes  the 
front  wall.  In  obtaining  the  total  load,  the  maxi¬ 
mum  value  of  the  reflected  pressure  is  used. 
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To  illustrate,  consider  the  building  shown  in 
Fig.  B.8.  The  total  maximum  load  Ph  obtained 
from  the  reflected  pressure  is 


PHi  =  hLpj 


Ph  -  3p0hL 

Assuming  that  this  total  load  is  carried  to  the 
foundations  by  the  two  end  walls  only,  the  cor¬ 
responding  unit  shear  in  the  concrete,  vc,  will 
then  be 

3pphL  . 


where  T  is  the  thickness  of  the  wall. 

B.3.1  Stability  Against  Sliding 

When  a  shock  wave  hits  the  front  face  of  a 
structure,  the  reflected  pressures  will  tend  to 
move  it  by  bodily  displacement  and  rotation. 

The  tendency  to  displacement  will  be  resisted 
first  by  the  developed  friction  under  the  base 
or  foundations  and  the  passive  pressures  of  the 
surrounding  earth;  then,  as  the  blast  wave 
envelopes  the  structure,  by  the  additional  aid  of 
the  blast  pressures  on  top  and  on  the  rear  face. 

In  order  to  develop  the  relations  of  motion 
needed  for  this  investigation,  consider  the 
simple  rectangular  building  shown  in  Fig.  B.8. 
The  applied  force  tending  to  move  the  building 
is  the  total  blast  pressure  Ph  on  the  front  wall, 
and  the  total  force  resisting  sliding,  R,  is  given 
by 

R  =  (Phi  +  Re  +  cf)  (W  +  PV)  (B.39) 


in  which  p{  and  p£  are  obtained  from  the  pres¬ 
sure-time  curves  shown  in  Figs.  B.5  and  B.7. 

The  expressions  for  PH,  Phi,  and  Pv  will 
vary  for  the  various  time  intervals.  These 
time  intervals  may  be  defined  as  follows: 

ta  =  time  for  wave  to  reach  rear  edge  of  roof 

tb  =  time  for  wave  to  reach  center  of  rear 
wall 

tc  =  time  for  pressure  on  front  face  to  drop 
to  value  of  pp  (which  is  equivalent  to  tt  in 
in  Fig.  B.5) 

td  =  time  for  wave  to  reach  7d 

where  all  times,  are  measured  from  the  instant 
the  shock  wave  strikes  the  front  wall.  Accord¬ 
ingly 


2d  +  h 
2v' 


2d  +  L 
2v' 


for  h<y 


for  h>£ 


where  Re  =  passive  resistance  of  the  earth 

(assumed  to  be  constant  during  the 
motion) 

Cf  =  coefficient  of  friction 
W  =  total  weight  of  structure,  including 
footings 

Py  =  total  pressure  on  the  roof 
The  resulting  equation  of  motion  is 


d'x  =  £ 


$  (Ph  -  R> 


The  values  of  Py  for  the  various  time  inter¬ 
vals  are  given  in  Fig.  B.9.  Here  Case  I  is  for 
0  £  t  S  ta;  Case  n,  for  ta  S  t  S  tj;  and  Case  in, 
for  t  >  ta- 

Since  Ph,  Phi  ,  and  Py  are  functions  of  t  and 
tl,  the  general  equation  of  motion,  Eq.  B.40, 
may  be  expressed  as 

d»x 

=  a,  +  bjt  +  Cjt1  (B.41) 


in  which  x  is  the  distance  moved  by  the  struc¬ 
ture.  The  forces  Ph  and  Phi  are  given  by 

Ph  = hLpj 


The  solution  of  this  equation  is 


x  =  c2n 


a,t*  bjt*  c*t4 

-1  +  C2n*  +  -4-  +  ^  +  tV  (B.42) 


7 


IP 


*ri 


in  which  C2n-i  and  c2n  are  constants  of  integra¬ 
tion. 

By  differentiating  Eq.  B.20, 


dx 

—  =  c2n  +  alt 


MM 

2  3 


(B.43) 


If  An  and  Vn  represent  the  displacement  and 
velocity,  respectively,  at  the  beginning  of  any 
period  at  the  time  tn,  then  the  constants  of 
integration  for  the  equation  of  motion  during 
that  period  are  found  from  the  relations 


C2n  =  Vn-attn-^-^ 


ajt* 


bftn 


^  f  —i*n  "i  n  -i-n 

c2n-l  ~  An  —  C2nln - jj - g - Tn- 


cl^n 

12 


(B.44) 

(B.45) 


The  motion  stops  when  dx/dt  =  0.  The  total 
distance  moved  may  then  be  determined  by 
equating  the  right  side  of  Eq.  B.26  to  zero, 
solving  for  t,  and  substituting  this  value  of  t  in 
Eq.  B.23. 

It  is  to  be  noted  that  the  pressures  on  those 
parts  of  the  footing  which  extend  beyond  the 
wall  lines  are  not  included  in  the  foregoing 
analysis.  Inclusion  of  these  areas  is  not  war¬ 
ranted  except  in  unusual  cases. 

Numerical  Illustration.  The  building  shown 
in  Fig.  B.8  will  be  investigated  for  stability 
against  sliding  under  a  peak  overpressure  of 
10  psi  =  1440  psf,  which  corresponds  to  a  dis¬ 
tance  of  approximately  %  mile  from  the  center 
of  explosion  of  a  20-kt  bomb.  The  coefficient  of 
friction  is  assumed  to  be  0.6,  and  the  total 
passive  resistance  of  the  earth  is  assumed  to 
be  39,000  lb.  From  Fig.  B.10,  r  =  0.58  sec. 

The  values  of  the  time  intervals  are  ta  =  Vto 
sec,  tb  =  Vm  8ec>  *c  =  %»  8ec>  and  Id  =  1/jo  sec. 
The  numerical  work  is  given  in  Table  B.l.  It  is 
to  be  noted  that  the  motion  stops  in  the  time 
interval  */u  StS  Vio-  The  time  when  the  motion 
stops  is  found  from  Eq.  B.26. 


—  =  c.  -  98.70t  +  713t*  -  2363t*  =  0 
dt  * 


B.3.2  Stability  Against  Overturning 

The  reflected  pressures  on  the  front  face  in 
addition  to  causing  the  structure  to  slide  will 
tend  also  to  rotate  the  structure  as  a  unit  about 
the  rear  edge  of  the  footing.  In  reference  to 
Fig.  B.8,  the  force  tending  to  produce  rotation 
about  an  axis  through  0  is  Ph,  and  the  forces 
tending  to  resist  such  motion  are  Py ,  PH1 ,  and 
the  total  weight  of  the  structure  W.  For  small 
angles  of  rotation,  0,  expressed  in  radians,  the 
overturning  moment  MT  causing  the  rotation  is 
given  by 

MT=(|  +  h')  (P„-PHi) 

+  Mp  -  (d  +  d')Pv  -  (§  +  d')  w  (B.46) 

where  h'  =  depth  of  rear  footing  below  ground 
level 

d'  =  extension  of  rear  footing  beyond 
rear  wall 

Mp  =  moment  of  Pv  about  front  edge  of 
roof  (see  Fig.  B.9). 


The  general  equation  of  motion  is  given  by 

(B.47) 


d*0  Mr 

^=Im 


in  which  Im  is  the  mass  moment  of  inertia  of 
the  structure  about  an  axis  through  0. 

As  explained  in  the  preceding  section,  Ph, 
Phi,  My,  and  Py  are  functions  of  t  and  t*. 
Accordingly,  Eq.  B.47  will  take  the  form 


d*0 

d? 


=  ai  +  b,t  +  cjt* 


(B.48) 


The  solution  of  this  equation  is  found  in  the 
same  manner  as  that  given  for  sliding  (Eq. 
B.41).  The  maximum  value  of  8  occurs  when 
d0/dt  changes  sign  or  when  de/dt  =  0.  The 
maximum  uplift,  6,  at  the  front  edge  is  then 
simply 


6  =  (d  +  2d')0 


(B.49) 


from  which  t  =  0.0774  sec.  By  substituting  this 
value  of  t  in  Eq.  B.23,  the  total  sliding  motion  is 
found  to  be  0.10  ft,  or  about  1%  in. 


Numerical  Illustration.  The  building  shown 
in  Fig.  B.8  will  now  be  investigated  for  sta¬ 
bility  against  overturning  under  the  same  peak 
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overpressure  as  used  in  the  investigation  for 
sliding,  namely  10  psi.  The  mass  moment  of 
inertia  about  an  axis  through  0  is  assumed  to 
be  1.5  x  10*  lb-sec2-ft.  The  numerical  work  is 
given  in  Table  B.2.  It  can  be  seen  that  the 
maximum  value  of  8  occurs  in  the  time  interval 
Vm  S  t  &  */„.  The  time  when  8  is  a  maximum  is 
found  from  the  relation 


From  the  small  values  obtained  in  these 
examples,  it  may  be  concluded  that  the  struc¬ 
ture  possesses  adequate  stability  against  slid¬ 
ing  and  overturning.  Obviously  the  extent  of 
displacements  which  may  be  deemed  as  per¬ 
missible  will  vary  with  the  type  and  functional 
requirements  of  the  structure. 


~  =  c,  -  2.21 5t  -  44.46t*  -  149.46ts  =  0 
dt 

From  this  equation,  t  =  0.0205  sec,  and  8max  = 
0.000337  radian.  The  maximum  uplift  at  A, 

Fig.  B.8,  is  found  to  be  0.0074  ft  or  about  l/it  in. 


REFERENCE 

1.  F.  E.  Turneaure  and  E.  R.  Maurer,  “Principles  of 
Reinforced  Concrete  Construction,”  p.  103,  John 
Wiley  &  Sons,  Inc.,  New  York,  1936. 


Appendix  C 


% 


Design  and 


Analysis  of 


Structures 


\ 


C.l  STRUCTURE  3.2.1a 


Details  of  the  design  are  shown  in  Figs.  D.2 
to  D.4. 


Structure  3.2.1a  simulates  the  roof  slab  of  a 
bomb-resistant  building,  designed  in  accord¬ 
ance  with  the  Bureau  of  Yards  and  Docks 
criteria  of  protection.1  The  details  of  design 
and  the  method  of  construction  conform  to 
Bureau  practice  used  in  protective  construction 
during  the  last  war. 

The  purpose  of  this  test  was  to  ascertain  the 
efficacy  of  this  structure,  originally  designed 
to  provide  protection  against  conventional 
weapons,  in  resisting  atomic  blast  at  rather 
close  range. 

Owing  to  the  lack  of  dependable  design  data 
regarding  pressures  and  duration  of  the  blast 
wave  at  such  a  close  distance,  no  satisfactory 
analysis  of  structural  behavior  could  be  made. 

Details  of  design  are  shown  in  Fig.  D.l. 

C.2  STRUCTURE  3.2.1b 

Structure  3.2.1b  also  simulates  the  roof  slab 
of  a  bomb-resistant  building,  designed  in 
accordance  with  the  Bureau’s  newly  developed 
construction  technique  of  cellular  framing.  It 
consists  of  a  three-layer  precast  cell  assembly, 
arranged  in  a  checkerboard  pattern  to  form  a 
honeycomb  framing.  The  framing  is  reinforced 
by  a  special  system  consisting  of  welded 
trusses  and  bars.  The  middle  layer  of  cells  is 
filled  with  concrete,  and  the  assembly  is  topped 
with  a  poured  21 -in.  reinforced-concrete  slab. 

The  aggregate  thickness  of  the  roof  slab 
being  about  the  same  as  for  Structure  3.2.1a,  it 
will  have  an  equal  protective  value  against 
weapons  of  impact.  However,  owing  to  its 
vented  assembly,  a  greater  degree  of  protection 
against  blast  is  anticipated. 


C.3  STRUCTURE  3.2.2a 

C.3.1  Framing  Arrangement 

Structure  3.2.2a,  of  rectangular  shape  ap¬ 
proximately  11  by  21  by  41  ft,  is  of  precast- 
concrete  construction  comprising  three  single¬ 
span  rigid-frame  type  bents,  and  roof  and  wall 
panels  which  are  attached  to  the  bents. 

The  bents  are  identical  and  are  composed  of 
three  component  framing  members.  Each 
member,  in  turn,  is  composed  of  two  channel¬ 
shaped  elements  bolted  together  to  form  a 
hollow-box  section.  The  channels  are  provided 
with  special  details  at  each  end  to  facilitate  the 
interconnection  of  the  members  by  welding  of 
the  reinforcing  steel  and  by  grouting.  Connec¬ 
tion  to  the  foundations  is  made  by  pouring  con¬ 
crete  into  the  lower  portion  of  the  hollow  legs 
around  dowels  extending  from  the  footings.  The 
concrete  is  poured  through  holes  in  the  columns 
provided  for  this  purpose. 

Roof  slabs,  19  ft  ll’/«  in.  by  2  ft  7J/«  in.  in 
plan,  are  in  the  form  of  ribbed  panels.  The 
slab  is  1*4  in.  thick  and  is  reinforced  with 
welded-wire  fabric  of  2-in.  mesh.  The  ribs 
consist  of  edge  beams  of  6-in.  depth  and  4-in. 
cross  beams  dividing  the  panel  into  approxi¬ 
mately  square  subpanels.  Insert  plates  are 
welded  to  the  reinforcement  of  the  edge  beams 
at  the  ends  of  the  beams  on  the  bottom  and  at 
the  corners  and  at  four  other  locations  along 
the  long  edges  at  the  top.  The  roof  slabs  span 
from  the  center  to  the  end  bents  and  are  con¬ 
nected  to  the  bents  and  to  each  other  by  plates 
welded  to  the  insert  plates. 


The  long  walls  are  composed  of  panels  identi-  In  Appendix  B,  the  peak  overpressure  p0  is 
cal  to  the  roof  panels  except  for  minor  varia-  assumed,  and  the  analysis  is  made  to  determine 

tions.  These  panels  are  connected  to  the  bents  the  maximum  deformation  resulting  from  this 

and  to  the  roof  panels  by  welding  and  to  each  shock  loading.  If  the  deformation  thus  found 

other  by  bolting  through  pipe  sleeves  cast  in  exceeds  the  allowable  or  is  too  small,  the  design 

the  edge  beams.  is  changed  accordingly.  For  the  test  structure 

The  end-wall  panels  are  similar  to  the  side-  a  peak  overpressure  pg  was  sought  that  would 

wall  panels,  but  their  long  dimensions  are  in  produce  a  deflection  of  about  one-tenth  the  span 

the  vertical  direction.  These  panels  are  con-  of  the  element  investigated.  This  was  done  by 

nected  to  each  other  and  to  the  roof  panels  by  trial.  The  smallest  value  of  p9  thus  found  for 

welding  and  are  bolted  to  the  foundation.  En-  the  various  elements  was  used  to  determine  the 
trance  to  the  structure  is  provided  by  means  of  location  of  the  structure  in  the  test  with  refer- 

a  removable  panel  which  forms  a  part  of  one  of  ence  to  ground  zero. 

the  end  panels.  It  is  apparent  that  the  framing  elements  re- 

The  foundation  is  composed  of  six  5-  by  5-  ceiving  the  greatest  shock  load  are  the  wall 

by  2-ft  poured-in-place  footings  at  each  of  the  panels  on  the  front  or  long  wall.  The  analysis 

columns  of  the  bents  and  a  continuous  pad  2  ft  of  these  panels  was  made  in  two  parts:  (1)  an 

6  in.  wide  and  1  ft  deep  supported  on  the  foot-  investigation  of  the  approximately  square  sub- 
ings.  A  6-in.  curb  poured  integrally  with  the  panel  formed  by  the  cross  ribs  and  edge  ribs 

pad  extends  above  grade  and  supports  the  and  (2)  an  investigation  of  the  panel  as  a  whole, 

bottom  edges  of  the  wall  slabs.  The  footings  spanning  from  center  to  end  bent, 

under  the  center  bent  are  connected  to  each  The  values  of  the  constants  pertaining  to  the 

other  with  a  reinforced-concrete  strut.  Similar  structure  as  a  whole  are  L  =  41  ft,  h  =  11  ft, 

struts  used  for  instrumentation  connect  the  d  =  21  ft,  and  f'c  =  4000  psi.  The  yield  strengths 

foundation  pads  on  the  long  sides  at  the  quarter  of  the  reinforcing  steel  and  welded-wire  mesh 

points.  are  50,000  and  90,000  psi,  respectively. 

Plans,  elevations,  and  details  of  design  for  The  increased  yield  values  used  for  the  re- 

this  structure  are  shown  in  Figs.  D.5  and  D.6.  inforcement  is  due  to  the  extremely  short  dura¬ 
tion  of  the  sustained  strains. 

C.3.2  Design  Since  h  <  L/2,  the  value  of  tt  is 

The  structure  was  designed  for  a  roof  live 
load  of  40  psf  and  for  winds  of  70  mph  inten¬ 
sity.  Connections  of  the  slabs  other  than  at  the 
ends  were  dictated  by  the  analysis  for  blast  as 
described  below. 

Precast  concrete  was  specified  to  have  a 
maximum  aggregate  of  %  in.  and  a  28-day 
strength  of  5000  psi;  foundation  concrete  was  to 
have  a  maximum  aggregate  of  1  in.  and  a  28- 
day  strength  of  2500  psi.  Reinforcing  steel  was 
specified  to  be  structural-grade  deformed 
bars,  and  mesh  reinforcing  was  to  be  welded- 
wire  fabric  having  a  minimum  yield  strength  of 
70,000  psi.  Welding  was  in  accordance  with 
Yards  and  Docks  Specifications  22Yb. 

C.3.3  Analysis  for  Blast 

This  structure  was  oriented  so  that  the  long 
walls  were  parallel  to  the  shock  front.  Pres¬ 
sure-time  curves  for  the  long  walls  and  roof  of 
this  structure  were  assumed  to  be  the  same  as 
those  shown  in  Figs.  B.5  to  B.7. 
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t,  =  ^7  =  =  0.0314 

1  v'  1400 


The  investigation  for  the  square  subpanels  of 
the  front-wall  elements  was  made  in  the  same 
manner  as  for  the  panel  of  Example  3  of  Sec. 
B.2.2.  Here  the  values  of  0,  0U  and  y  are  0.48, 
0.31,  and  13.5,  respectively.  The  values  of  the 
other  needed  constants  are  W  =  75  lb,  A  =  4.5 
sq  ft,  S  =  8600  lb/ft,  and  f,  =  2.12  ft. 

The  equations  of  motion  corresponding  to  the 
time  periods  t,  and  tj  are 


t\  13.5S  „  W 

0A  p»l2-t1)-(Tl2j*y  =0‘g  “ 


UNCLASSIFIED 


The  method  of  solving  the  foregoing  equations 
is  given  in  Appendix  B. 

The  value  of  p0  must  now  be  found  by  trial  so 
that  the  value  of  y,  when  dy/dt  =  0,  is  ij/10  or 
0.212  ft. 

This  solution  is  predicated  on  the  element’s 
having  end  anchorage  capable  of  developing  the 
full  strength  of  the  reinforcement.  For  the  ele¬ 
ment  in  question,  the  reinforcement  consists  of 
mesh  embedded  in  the  edge  beams  and  is  con¬ 
tinuous  over  the  subbeams.  The  S  forces  at  the 
edge  beams  act  toward  the  inside,  and  this  in¬ 
ward  pull  is  resisted  by  the  subbeams.  Using  a 
length  of  2  ft  6  in.  between  the  subbeams,  the 
total  force  on  each  subbeam  is  2.5S  or  21,500 
lb.  Since  the  area  of  subbeam,  including  the 
part  of  the  slab  contiguous  with  it,  is  about  8.5 
sq  in.,  the  compressive  stress  in  the  concrete 
is  equal  to  21,500/8.5  or  2530  psi,  which  is  a 
value  much  less  than  the  ultimate  for  the  con¬ 
crete  used. 

The  S  forces  at  the  subbeams  will  be  balanced 
by  similar  forces  from  the  next  subpanel  ex¬ 
cept  at  the  ends,  where  a  condition  exists  simi¬ 
lar  to  that  of  the  edge  beams.  Here,  however, 
the  tension  is  resisted  by  compression  in  the 
edge  beams. 

The  intermediate  wall  panels  marked  A3  on 
Fig.  D.5  are  the  most  critical  on  the  front  wall, 
since  the  top  panels,  A2,  are  supported  along 
the  top  edge  by  the  roof  slabs,  and  the  bottom 
panels,  A4,  are  supported  along  the  bottom 
edge  by  bolting  to  the  foundations.  Panels  A3 
may  be  considered  as  simply  supported  at  the 
bents,  and  the  effect  of  the  bolts  along  the  edge 
beams  may  be  neglected. 

The  analysis  of  these  elements  under  blast 
was  performed  in  a  manner  similar  to  that  for 
beams  fixed  at  the  ends,  as  given  in  Appendix  B. 
However,  since  the  panels  are  simply  sup¬ 
ported,  the  resistance  diagram  shown  in  Fig. 

B.2  is  not  applicable.  The  resistance  diagram 
for  this  case  is  shown  in  Fig.  C.l,  which  is 
applicable  to  simply  supported  beams. 

Since  the  roof  and  end-wall  panels  are  sub¬ 
ject  to  much  smaller  normal  blast  pressure 
than  the  front -wall  panels,  an  investigation 
similar  to  that  for  the  front  panels  was  not 
needed.  These  panels,  however,  are  subject  to 
large  shearing  forces,  as  is  explained  in  the 
following  discussion. 

The  investigation  for  the  over-all  strength  of 
this  structure  is  rather  involved  and  requires  a 


study  of  the  interaction  of  the  various  parts 
during  the  time  intervals  of  changing  pressure 
conditions.  Immediately  after  the  shock  front 
strikes  the  front  face,  the  structure  as  a  whole 
will  deform  away  from  the  blast.  The  end  bents 
cannot  deform  laterally  without  distortion  of  the 
end-wall  panels,  thus  greatly  increasing  the 
resistance  of  these  bents  to  lateral  bending.  In 
addition,  the  reaction  at  the  center  bent  is 
twice  the  reaction  at  each  end  bent.  As  a  re¬ 
sult,  the  center  bent  will  have  larger  lateral 
deformations  than  those  at  the  ends.  This 
differential  motion  is  resisted  by  the  roof 
panels  and  by  the  torsional  rigidity  of  the  end 
bents. 

It  is  assumed  that  the  deformations  are  sym¬ 
metrical  with  respect  to  the  transverse  center 
line  of  the  building.  It  is  further  assumed  that 
the  lateral  deformation  of  any  point  on  the 
center  or  end  bents  bears  a  constant  relation  to 
the  lateral  deformation  of  the  center  bent  which 
is  taken  as  the  deformation  of  reference,  y. 

The  problem  then  becomes  one  of  determining 
the  modulus  of  resistance,  q,  as  y  is  increasing 
in  value.  Then  the  equation  of  motion  will  take 
the  form 

0'A(p  -  q)  =  ft  ^  a  (C.l) 

where  A  =  area  of  the  front  face 

p  =  net  pressure  on  the  structure  tend¬ 
ing  to  move  it  in  the  direction  of  the 
blast 

W  =  total  weight  of  structure 
(5'  and  (3J  =  constants  similar  to  <3  and  (3t  of 
Appendix  B 

Before  the  constants  0'  and  can  be  deter¬ 
mined,  it  is  necessary  to  find  the  ratio  k  of  the 
lateral  deflection  ye  of  the  top  of  the  end  bent 
to  the  deflection  y  of  the  center  bent  due  to  a 
uniform  load  q  applied  to  the  front  wall. 

Observing  that  the  front  panels  which  carry 
the  applied  load  q  to  the  bents  are  simple 
spans,  then  the  center  bent  will  have  twice  the 
load  of  each  end  bent,  if  the  effect  of  load 
transfer  to  the  foundation  through  the  bolts  in 
the  edge  beam  of  the  lower  panels  is  neglected. 
If  Q  is  the  total  shear  in  the  roof  at  each  side 
of  the  center  bent,  then  the  loads  producing  the 
deflection  y  at  the  center  bent  are  as  shown  in 
Fig.  C.2a.  If  it  is  assumed  that  the  deformation 
y  produces  stresses  in  the  center  bent  within 
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the  elastic  limit,  then  the  deformation  ifcan  be 
expressed  in  terms  q,  Q,  and  two  constants  ct 
and  Cj,  using  any  of  the  usual  methods  for  de¬ 
termining  the  deflections  of  a  rigid  frame. 

Then 

y  =  ctq  -  Cj(2Q)  (C.2) 

in  which  ct  and  c4  are  constants  depending  on 
the  physical  and  geometrical  properties  of  the 
frame. 

The  loads  on  the  end  bent  are  shown  in  Fig. 
C.2b,  and  the  deformation  is  shown  in  Fig.  C.3. 
Let  <p  be  the  angle,  expressed  in  radians, 
through  which  the  end  bent  rotates;  6,  the  de¬ 
flection,  due  to  the  load  Q,  of  the  roof  slabs 
acting  as  a  cantilever  with  the  free  end  par¬ 
tially  guided  so  that  the  deflection  here  is  the 
average  of  a  free  and  guided  cantilever;  and 
ye,  the  lateral  deflection  of  the  end  bent.  Then 
the  deflection  y  at  the  center  bent  is  given  by 

y  =  ye  +  l<p  +  6  (C.3) 

Let  Qj  be  the  total  shear  between  the  end- 
wall  panels  and  the  end  bent.  The  relation  be¬ 
tween  Qt  and  ye  can  be  found  by  assuming  that 
the  end-wall  panels  will  act  together  as  a  short 
cantilever  with  a  partially  guided  free  end. 

Then 

Ve  =  2iljp  =  CjQl  (c*4) 


shear  of  the  connecting  plates  between  the 
slabs.  Then  the  value  of  Zt,  the  length  of  the 
compression  zone  in  the  concrete  for  the  end 
panel,  is  found  from  the  consideration  that 
Cj  +  2S  =  Tt.  For  the  intermediate  panels, 

C  =  T,  since  the  S  forces  are  balanced.  The 
resisting  moment  Mt  of  the  end  slab  is  then 
found  by  taking  the  moments  of  S  and  Tt  about 
C,.  The  maximum  value  of  Qt  is  then  equal  to 
the  sum  of  the  individual  resisting  panel  mo¬ 
ments  divided  by  the  height  of  the  panels. 

As  in  the  case  of  the  center  bent,  ye  can  be 
expressed  in  terms  of  q,  Q  and  Qj,  and  two 
constants.  Since  the  center  and  end  bents  are 
identical,  the  relation  is 

ye  =^-q-Ct(Qi-Q)  (C.5) 

The  angle  of  the  twist,  <f>,  through  which  the 
end  bent  rotates  is  expressed  by  the  relation 

<f>  =  c4M,  (C.6) 

in  which  Mt  is  the  twisting  moment  and  c4  is  a 
constant  depending  on  the  physical  and  geomet¬ 
rical  characteristics  of  the  bent  and  which  may 
be  computed  in  the  usual  way,  assuming  that  the 
stresses  are  within  the  yield  values.  In  this 
case,  see  Fig.  C.2b 

Mt  =  Q!  +  Qte 

and  Eq.  C.6  takes  the  form 


in  which  Ip  is  the  moment  of  inertia  of  the  end 
wall  acting  as  a  unit.  Equation  C.4  is  valid  as 
long  as  stresses  remain  in  the  elastic  range. 
With  increasing  values  of  Qt  the  yield-point 
stress  will  be  reached  first  in  the  bolt  nearest 
the  front  wall,  connecting  panel  B1  to  the  foun¬ 
dation.  With  further  increase  in  the  value  of 
Qt,  the  bolts,  as  well  as  the  plates  connecting 
the  panels  together,  will  progressively  yield. 
The  panels  will  then  begin  to  act  as  individual 
units,  and  the  maximum  value  of  Qt  can  be 
found  from  a  consideration  of  the  forces  acting 
on  the  individual  panels,  as  shown  in  Fig.  C.3c. 

In  the  end  panel  Bl,  Tt  represents  the  yield 
strength  of  the  anchor  bolt,  and  C4  represents 
the  total  stress  of  the  concrete  at  the  corner  of 
the  panel.  Let  S  represent  the  yield  strength  in 


<p  -  c4Q  +  CjQ(  (C.7) 


The  value  of  6  is  expressed  by  the  relation 


6  = 


5Q1» 

24EcIr 


=  c»Q 


(C.8) 


in  which  Ir  is  the  moment  of  inertia  of  the  roof 
as  a  whole.  From  Eqs.  C.4  and  C.5 


cjQ|  =  q  -  cj(Q|  -  Q) 


or 


ctq  +■  2ctQ 
Ql  2(Cj  +  c,) 


(C.9) 
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Then  substituting  Eqs.  C.4  and  C.8  in  Eq.  C.3 
y  =  CjQt  +  /(cjQ  +  c&t)  *  CjQ  (C.  10) 
and  replacing  y  by  its  value  as  given  by  Eq.  C.2 
Cjq  -  Cj(2Q)  =  CjQt  +  KcsQ  +  c,^)  +  CjQ  (C.ll) 


«e  = 


r  (y,)2  dw, 

y*W 


(C.16) 


in  which  yj  varies  from  0  to  ky,  and  W  is  the 
total  weight  of  the  structure.  Integrating  the 
right  side  of  Eq.  C.16 


Equations  C.9  and  C.10  may  now  be  solved  for 
Q  and  Q|  in  terms  of  q  and  constants  determined 
from  the  physical  and  geometrical  properties 
of  the  bents  and  slabs.  It  is  now  possible  to 
eliminate  Q  and  Q{  from  Eqs.  C.3  and  C.4  and 
to  express  y  and  yP  in  terms  of  q  and  a  single 
constant.  The  ratio  k  is 


0ie 


-m) 


(C.17) 


0J,  for  the  front  and  rear  walls,  is  given  by 

(C.18) 


2  X'  XWdW  f 


k  =  ^  (C.12) 

y 

If  the  lateral  deformations  of  the  roof  are 
assumed  to  be  linear  from  yf.  to  y,  then  the 
lateral  deformation  y'  of  any  point  on  the  roof 
at  a  distance  x  from  the  end  bent.  Fig.  C.2c,  is 
given  by 


in  which  Wf  is  the  total  combined  weight  of 
front  and  rear  walls.  Performing  the  integra¬ 
tion 

%  =  §w (1  +  k  +  k*)  (C,19) 

For  the  roof,  p{  is  given  by 


y'  =  ky  +  yx  (- j $  (C.13) 

Again  assuming  a  straight-line  variation  in 
lateral  deformations  at  any  vertical  section  of  or 
the  front  section  of  the  front  wall,  the  deflection 
of  yj  of  a  point  at  a  distance  z  above  the  foun¬ 
dation  is  given  by 


2  I!  (y')*  dWr 

0,r~  Pw 


«r  = 


(1  +  k  *  k*)Wr 
3W 


(C.20) 


(C.14) 


The  value  of  &'  is  then  determined  by 

yA 


or 


in  which  Wr  is  the  total  roof  weight. 

The  center  bent  is  divided  into  two  parts,  Wc 
representing  the  weight  of  the  columns  and  W*, 
representing  the  weight  of  the  horizontal  beam. 
Then 


(C.21) 


P’  = 


k  +  1 
4 


(C.15) 


In  order  to  determine  the  value  of  the  mass 
reduction  factor  p't<  it  is  necessary  to  treat  the 
end  and  side  walls,  the  bents,  and  the  roof 
separately.  If  W(.  is  the  total  weight  of  the  end 
walls,  then  for  this  part  of  the  structure  is 
given  by 


and 


«b  = 


Wb 

w 


For  the  end  bents 


0ic'  = 


wc  K 

3W 


(C.22) 


(C.23) 
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and 

«b'  =  <c-24> 

in  which  WC’  is  the  total  weight  of  the  columns 
for  both  end  bents,  and  is  the  weight  of  the 
horizontal  member  of  both  end  bents. 

The  value  of  8{  for  the  entire  structure  is 
then  the  sum  of  the  values  for  the  individual 
parts  or 


ft  3W 


kJWP  +  (1  +  k  +  k1)  [~  +  Wr 


(?**') 


Wc  +  Wc'kl  +  3(Wb  +  W;,<k2) 


(C.25) 


In  the  above  analysis  for  8'  and  8{,  the  defor¬ 
mations  at  intermediate  points  were  assumed 
to  bear  a  linear  relation  to  the  coordinates  of 
each  point  measured  from  the  end  bent  and 
height  above  foundation.  In  reality  the  defor¬ 
mation  relations  are  not  linear.  However,  in 
view  of  the  complications  introduced  by  the 
nonlinear  relation,  as  well  as  its  probable 
small  effect,  its  use  is  not  warranted. 

Having  determined  the  values  of  8'  and  the 
equation  of  motion,  Eq.  C.  1 ,  is  solved  in  the 
same  manner  as  shown  in  Appendix  B,  with  due 
allowance  for  the  change  in  the  pressure 
constants. 

In  this  analysis  the  value  of  p0  used  is  the 
smaller  of  the  values  determined  from  the  pre¬ 
ceding  analysis  of  the  front-wall  slabs.  Having 
determined  the  value  of  y  when  the  motion 
stops,  the  value  of  yv  is  then  determined  from 
Eq.  C.12.  Values  of  Q  and  Q]  and  an  equivalent 
load  q  for  the  final  value  of  y  are  determined 
by  solving  the  simultaneous  Eqs.  C.2,  C.9,  and 
C.ll.  The  resulting  shears  in  the  roof  and  end- 
wall-panel  connections  are  then  computed  in 
the  usual  manner. 

The  value  of  k  from  which  the  constants  8' 
and  8'i  are  obtained  is  based  on  stresses  in  the 
elastic  range  of  the  bents,  end  walls,  and  roof. 
However,  inasmuch  as  k  is  a  ratio,  it  is  rea¬ 
sonable  to  assume  that  its  value  will  not  ma¬ 
terially  change  when  stresses  in  parts  of  the 
structure  are  in  the  plastic  range. 

In  the  investigation  for  the  front-wall  panels 
as  a  whole,  acting  as  simple  spans  between  the 
center  and  end  bents,  the  resistance  to  motion 


in  the  final  stage  of  deformation  was  provided 
by  tension  forces  S  equal  to  the  yield  strength 
of  the  reinforcing  steel.  The  S  force  acting  on 
one  side  of  the  center  bent  will  be  balanced  by 
a  similar  force  acting  on  the  other  side  of  the 
bent.  At  the  end  bent,  however,  there  is  no  such 
balancing  force  acting,  and  the  forces  are  re¬ 
sisted  by  bending  and  twisting  of  the  column  of 
the  end  bent  adjacent  to  the  front  wall.  It  will 
be  noted  that  the  motion  of  the  top  of  the  bent  in 
the  direction  of  applied  forces  is  prevented  by 
the  roof  panels  acting  as  a  strut.  Tension 
forces  in  the  roof  panels  similar  to  the  S  forces 
in  the  front-wall  panels  are  not  developed, 
owing  to  the  relatively  low  pressures  here. 

Computations  for  overturning  and  sliding, 
made  in  a  manner  similar  to  those  shown  in 
Appendix  B,  indicate  small  motions  for  these 
effects. 

C.3.4  Anticipated  Damage 

Damage  to  this  structure  resulting  from  the 
test  was  expected  to  be  most  severe  on  the 
panels  forming  the  front  walls.  Extensive 
damage  to  concrete  slab  and  to  the  edge  beams 
of  front  face  panels,  marked  A3  on  Fig.  D.5, 
Appendix  D,  was  expected.  Damage  to  the  slab 
was  expected  to  be  most  severe  at  the  center 
portions  of  panels,  whereas  the  concrete  edge 
beams  were  expected  to  be  damaged  along  their 
entire  length.  At  bolt  locations  adjacent  to  the 
upper  panels  A2  and  the  lower  panels  A4,  sepa 
ration  of  the  concrete  of  the  slabs  from  the 
edge  beams  was  expected  to  occur  to  the  extent 
that  the  mesh  reinforcing  would  be  visible. 

The  upper  edge  beams  of  front-wall  panels 
A4  and  the  lower  beams  of  panels  A2  were  ex¬ 
pected  to  be  damaged  to  about  the  same  extent 
as  those  for  panels  A3,  but  cracking  of  the 
slabs  was  expected  to  be  less  severe.  The  con¬ 
crete  in  the  edge  beams  adjacent  to  the  anchor 
bolts  was  expected  to  be  severely  cracked,  and 
the  anchor  bolts  were  expected  to  be  pushed 
away  from  the  blast  and  pulled  upward.  It  was 
thought  that  the  two  anchor  bolts  near  the 
center  of  panels  A4  might  possibly  shear  off  at 
the  top  of  the  foundation. 

It  was  anticipated  that  the  end-wall  panels 
would  be  most  severely  damaged  at  their  con¬ 
nections,  with  possible  pulling  out  of  the  insert 
plates  at  these  locations.  The  end-wall  panels 
adjacent  to  the  front  walls  were  to  suffer  the 
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greatest  damage.  Here  the  end  anchor  bolt 
would  be  elongated  and  bent  in  the  direction  of 
the  blast.  This  bolt,  however,  was  not  expected 
to  fail  in  shear.  Elongation  and  bending  of 
alternate  anchor  bolts  along  the  end  walls  were 
expected,  the  amount  of  elongation  being  less 
for  those  bolts  toward  the  rear  of  the  building. 
Little  damage  was  expected  in  the  slabs  of  end- 
wall  panels  due  to  bending,  but  shear  cracks 
radiating  from  the  points  of  connections  were 
believed  to  be  possible. 

The  top  insert  plate  at  the  front  wall  of  the 
end-wall  panels,  together  with  reinforcement 
attached  to  these  plates,  was  expected  to  pull 
away  from  the  short  edge  beam  at  this  location. 
Damage  to  the  roof  panels  would  be  most 
severe  at  the  edge  beam  of  the  panels  adjacent 
to  the  front  wall.  Cracks  in  the  slab  adjacent  to 
the  insert  connection  plates  were  expected,  in¬ 
creasing  in  severity  toward  the  ends  of  the 
building. 

Damage  to  the  panels  of  the  rear  wall  would 
be  minor  and  confined  largely  to  the  connections 
to  the  roof  panels  and  bents. 

The  center  bent  was  expected  to  be  damaged 
most  at  the  columns  just  below  the  haunches, 
the  damage  at  the  front  wall  being  most  severe. 
Here  large  cracks  were  expected  at  the  inside 
face  of  the  front  column  and  on  the  outside  face 
of  the  rear  column.  Separation  of  the  channels 
forming  the  bent  was  expected  to  occur  through¬ 
out  and  would  be  most  severe  at  the  front  col¬ 
umn.  The  bolt  at  the  front  face  shown  just  be¬ 
low  Sec.  13-13  in  Fig.  D.5  was  expected  to 
exhibit  the  greatest  elongation  and  possibly  to 
fail  in  tension.  In  the  case  of  the  lior  xontal 
member,  the  opening  between  the  channels  was 
expected  to  be  on  the  top.  At  the  footings  a 
separation  of  the  precast  elements  from  the 
foundation  concrete  was  expected  to  take  place, 
particularly  at  the  front  column  where,  in  addi¬ 
tion,  a  small  amount  of  uplift  was  also  expected. 
Lateral  shifting  of  both  columns  was  expected 
to  be  small. 

It  was  thought  that  damage  to  the  end  bents 
would  be  similar  to  that  of  the  center  bent  but 
would  be  less  severe  owing  to  the  rigidity  pro¬ 
vided  by  the  end-wall  panels.  It  was  anticipated, 
however,  that  the  channels  forming  the  front- 
wall  columns  of  these  bents  might  separate 
more  than  those  of  the  center  bent,  because  of 
the  twisting  effect  of  the  load  transfer  from  the 
front-wall  panels. 


Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  damage  would  have  been  much 
more  severe  than  just  described,  causing  fail¬ 
ure  of  the  panels  marked  A3  and  the  roof  panels 
and  possible  collapse  of  the  structure. 


C.4  STRUCTURE  3.2.2b 

C.4.1  Framing  Arrangement 

Structure  3.2.2b  is  a  typical  one-story  brick 
building  with  a  timber  roof.  The  entire  struc¬ 
ture  is  covered  with  precast-concrete  panels  to 
afford  protection  against  atomic  blast.  This 
structure  was  included  in  the  program  to  de¬ 
termine  the  extent  of  protection  afforded  by 
precast  panels. 

This  structure,  rectangular  in  plan,  has  a 
length  of  43  ft,  a  width  of  21  ft,  and  a  height  of 
11  ft  6  in.  above  grade.  Brick  walls,  12  in. 
thick,  extend  2  ft  6  in.  below  grade  and  are 
supported  on  a  continuous  footing  pad  2  ft  6  in. 
wide  and  1  ft  thick.  A  12-  by  12-in.  reinforced- 
concrete  strut  joins  the  long  sides  of  the  footing 
pads  at  about  the  center  of  the  structure. 

The  roof  of  the  primary  structure  consists  of 
1-in.  sheathing  supported  by  3-  by  12-in.  joists 
spaced  16  in.  on  centers  and  spanning  the  short 
direction  of  the  brick  walls.  The  joists  are 
stiffened  by  typical  bridging  at  the  third  points; 
they  are  connected  to  the  brick  wall  by  means 
of  short  2-  by  6-in.  members  embedded  in  the 
wall  and  by  toenailing  into  a  continuous  3-  by 
6-in.  plate  which  is  anchored  into  the  brick 
wall. 

Precast  ribbed  roof  panels  2  ft  7s/j  in.  wide 
span  the  roof  in  the  short  direction  and  are 
supported  on  the  roof  sheathing  along  the  edge 
beams  and  at  the  ends  rest  on  the  precast  wall 
panels.  The  edge  beams  are  6  in.  deep  and, 
with  the  4-in.-deep  subbeams,  form  approxi¬ 
mately  square  subpanels  of  the  lVi-in.  slab. 
Each  slab  is  connected  to  the  timber  roof 
framing  by  means  of  two  %-in.  bolts  spaced  at 
the  third  points  of  the  slab.  Each  bolt  passes 
through  a  boss  cast  in  the  slab  and  extends 
through  the  sheathing  to  a  continuous  3-  by  6- 
in.  member  which  is  below,  and  attached  to,  the 
joists.  The  roof  panels  are  connected  to  each 
other  and  to  the  wall  panels  by  welding  connec¬ 
tion  plates  to  insert  plates  cast  in  the  slabs  and 
welded  to  the  reinforcement. 
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The  precast  wall  panels  are  of  the  same  type 
as  the  roof  panels  and  have  their  long  edges  in 
the  vertical  direction.  They  are  supported  by 
and  connected  to  a  curbing  which  rests  on  the 
foundation  pad  and  extends  6  in.  above  grade. 
The  curb  connection  to  the  panel  is  made  by 
welding  an  angle,  3  by  2‘/i  by  */j  in-.  to  insert 
plates  cast  in  the  panels.  The  angle  is  anchored 
to  the  curb  by  means  of  two  \-in.  anchor  bolts. 
Connections  to  the  brick  wall  are  made  in  the 
same  manner  as  in  the  case  of  the  roof  panels 
to  the  timber  roof,  except  that  here  the  bolts 
have  6-  by  6-in.  washers  bearing  on  the  inside 
surface  of  the  brick  walls. 

Entry  to  the  interior  of  the  structure  is  pro¬ 
vided  by  means  of  a  door  panel  cast  in  one  of 
the  end-wall  panels  at  an  opening  in  the  brick 
wall  provided  for  this  purpose. 

Plans,  elevations,  and  details  of  design  for 
this  structure  are  shown  in  Figs.  D.7  and  D.8. 

C.4.2  Design 

The  basic  structure  comprising  the  brick 
walls  and  the  timber-framed  roof  was  designed 
for  a  live  load  of  40  psf.  The  wind  loading  did 
not  govern  any  part  of  the  design.  The  precast 
panels  used  to  cover  the  basic  structure  were 
made  similar  to  those  of  Structure  3.2.2a. 
Connections  of  the  panels  to  each  other  were 
designed  for  the  expected  blast  loading. 

Specifications  for  concrete,  reinforcing  bars, 
wire  mesh,  and  welding  are  the  same  as  for 
Structure  3.2.2a. 

C.4.3  Analysis  for  Blast 

Pressure-time  curves  for  the  shock  wave 
are  identical  with  those  used  for  the  analysis  of 
Structure  3.2.2a.  Inasmuch  as  the  structure 
was  oriented  so  that  the  long  walls  are  normal 
to  the  shock  front,  the  panels  receiving  greatest 
load  are  those  on  the  front  wall.  The  analysis 
for  these  panels  was  made  in  the  same  manner 
as  for  the  front-wall  panels  of  Structure  3.2.2a. 
Here,  however,  the  weight  of  the  brick  wall  ad¬ 
jacent  to  the  panel  is  included  in  the  total 
weight,  since  the  panels  cannot  deform  without 
moving  the  bricks  behind  it.  In  the  case  of  a 
subpanel,  deformations  can  take  place  without 
motion  of  the  brick  wall,  and  the  mass  asso¬ 
ciated  with  the  subpanel  is  that  of  the  lV«-in. 
slab  between  beams  only.  Since  these  panels 


are  of  shorter  length  than  similar  panels  for 
Structure  3.2.2a,  it  is  apparent  that  the  strength 
here  is  governed  by  the  strength  of  the  sub¬ 
panels. 

In  the  analysis  for  the  motion  of  a  vertical 
front-wall  panel,  the  additional  resistance  af¬ 
forded  by  shear  in  the  brick  wall  was  neglected. 
The  S  forces  developed  in  the  reinforcement  of 
the  edge  ribs,  when  deformations  reach  the 
plastic  stage,  are  assumed  to  be  resisted  by 
compression  in  the  brick  wall.  This  is  admis¬ 
sible  since  the  computed  deformations  were  not 
large  enough  to  destroy  the  load-carrying 
capacity  of  the  wall  in  compression. 

Since  the  main  reinforcement  in  the  roof  is 
parallel  to  the  blast,  the  analysis  for  roof 
panels  given  in  Appendix  B  is  not  applicable. 
The  analysis  for  the  roof  panels  was  based  on  a 
pressure-time  curve  in  which  the  ordinates 
were  average  pressures  over  the  entire  roof  in 
terms  of  the  peak  pressure  p0.  The  data  for 
plotting  this  curve  were  obtained  from  Bleak - 
ney’s  shock-tube  experiments  at  Princeton 
University.  The  curve  was  approximated  by  a 
number  of  straight  lines  so  that  the  pressure 
could  be  readily  expressed  in  terms  of  the  time 
and  thus  simplify  the  resulting  equations  of 
motion.  The  curve  used  is  shown  in  Fig.  C.4. 

It  is  assumed  that  the  pressure  drops  linearly 
to  atmospheric  at  the  end  of  the  period  of  over¬ 
pressure.  The  analysis  is  made  in  the  same 
manner  as  for  the  front-wall  panels,  with  due 
allowance  for  the  change  in  pressures. 

The  analysis  for  the  structure  as  a  whole  is 
not  so  involved  as  that  for  Structure  3.2.2a, 
since  no  complications  are  introduced  by  the 
bents.  Resistance  to  motion  is  afforded  by  the 
rigidity  of  the  end  walls,  together  with  the  roof 
acting  as  a  horizontal  girder.  The  torsional 
resistance  of  the  end-wall  framing  is  small  and 
was  neglected  in  the  analysis. 

That  part  of  the  resistance  to  motion  con¬ 
tributed  by  the  brick  end  walls  was  assumed  as 
constant  and  its  value  taken  at  100  psi  as  shear 
in  mortar  joints.  The  resistance  of  the  end- 
wall  panels  and  the  roof  panels  to  lateral  mo¬ 
tion  was  computed  in  the  same  manner  as  for 
Structure  3.2.2a. 

C.4.4  Anticipated  Damage 

Damage  to  the  structure  from  a  bomb  of  the 
strength  predicted  for  the  test  was  estimated  to 
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Fig.  C.4  Pressure-Time  Relation  for  Roof 


be  most  severe  on  the  front  face.  Extensive 
cracking  of  the  concrete  of  the  edge  beams  and 
of  the  slabs  adjacent  to  the  edge  beams  was  ex¬ 
pected  to  occur.  Breaking  of  the  concrete  with 
possible  pulling  out  of  the  insert  plates  adjacent 
to  the  anchors  in  the  foundations,  particularly 
for  the  front-wall  panels  adjacent  to  the  end 
walls,  was  expected.  Anchor  bolts  near  the 
ends  of  the  front  wall  were  expected  to  elongate 
and  bend  because  of  the  forces  producing  uplift 
and  also  because  of  the  tendency  of  the  angle  at 
the  anchor  bolts  to  rotate.  Shearing  off  of  nuts 
at  these  locations  was  thought  to  be  a  possi¬ 
bility.  Damage  to  anchor  bolts  and  to  the  con¬ 
crete  surrounding  the  insert  plates  adjacent  to 
the  anchors  was  expected  to  be  less  severe 
toward  the  center  of  the  front  face. 

The  edges  of  the  end-wall  panels  near  the 
front  wall  were  expected  to  move  upward,  pro¬ 
ducing  large  shearing  stresses  between  ad¬ 
jacent  panels  and  possibly  dislodging  some 
plates  from  the  surrounding  concrete.  This 
condition  was  expected  to  be  most  severe  in  the 
end-wall  panel  adjacent  to  the  front  wall. 

Only  minor  damage  was  expected  to  occur  to 
the  roof  panels  with  the  possible  exceptions  of 
the  short  edge  beams  to  which  the  front-wall 
panels  were  connected.  It  was  expected  that 
cracks  would  occur  here  and  that  the  concrete 
would  break  up  to  some  extent  in  the  slabs  next 
to  the  inside  face  of  the  end  edge  beams.  Dam¬ 
age  of  this  type  was  expected  to  be  most  severe 
in  the  panels  nearest  the  end  walls.  Cracks 
around  the  insert  plates  connecting  roof  panels 
were  expected  to  occur,  with  possibly  some 
breaking  out  of  the  plates  on  the  panels  nearest 
the  end  walls. 

It  was  thought  that  damage  to  the  primary 
structure  would  be  confined  to  the  walls.  Little 
or  no  damage  to  the  timber  framing,  with  the 
possible  exception  of  the  connections  to  the 
front  and  rear  brick  walls,  was  anticipated. 

The  front  brick  wall  was  expected  to  dish  in¬ 
ward,  with  large  shear  cracks  occurring  in  the 
mortar  joints.  The  walls  were  expected  to  re¬ 
main  intact  except  at  the  locations  of  the  bosses 
on  the  precast  slabs  of  the  front  wall,  where 
individual  bricks  or  a  small  section  of  bricks 
adjacent  to  the  connection  was  expected  pos¬ 
sibly  to  fall.  Damage  to  the  brickwork  of  the 
side  walls  was  expected  to  consist  of  large 
shear  cracks  in  the  mortar  and  some  motion  of 


the  upper  layers  of  brick  relative  to  the  lower 
portion  in  the  direction  of  the  blast.  Damage  to 
the  rear  brick  wall  was  expected  to  be  minor 
and  confined  to  the  regions  of  the  brickwork 
around  the  washers  holding  the  precast  slabs  to 
the  walls. 

If  the  anticipated  pressures  had  been  20  per 
cent  greater,  the  damage  would  have  been  much 
more  extensive  and  severe  than  just  described. 
Elongation  and  bending  would  occur  in  all  the 
anchor  bolts  along  the  front  wall  instead  of  in 
those  nearest  the  end  walls  only.  In  addition, 
damage  to  the  edge  beams  would  be  more 
severe,  and  breaking  up  of  some  subpanels, 
particularly  those  near  the  center  of  the  front- 
wall  slabs,  would  occur.  The  greatest  differ¬ 
ence  in  the  extent  of  damage  from  that  de¬ 
scribed  for  the  bomb  strength  used,  however, 
would  be  to  the  brick  walls.  There  would  be  a 
possibility  of  large  areas  of  bricks  near  the  top 
of  the  front  walls  falling  inward,  with  conse¬ 
quent  partial  collapse  of  the  roof.  It  is  expected 
that  the  timber  framing,  because  of  its  large 
resilience,  would  not  be  damaged  except  indi¬ 
rectly  by  failure  of  the  front  brick  wall. 

C.5  STRUCTURES  3.2.3a  AND  b 

C.5.1  Framing  Arrangement 

Buildings  3.2.3a  and  b,  constructed  of  pre- 
cast-concrete  elements,  conform  to  a  new  type 
of  protective  structure  developed  by  the  Bureau 
of  Yards  and  Docks  of  the  Navy  Department. 

The  precast  panels  which,  in  assembly,  form 
the  structure  were  composed  of  precast-con¬ 
crete  cells  cast  between  two  slabs  of  concrete. 
Each  cell  is  a  rectangular  box-shaped  unit  of 
%-in. -thick  concrete,  open  at  two  opposite 
faces,  having  outside  dimensions  of  16  by  16  by 
8  in.  Three  of  the  faces  have  openings  or  holes, 
and  the  fourth  face,  one  of  the  16-  by  16-in. 
faces,  has  a  recess  of  the  same  size  as  the 
hole  in  the  opposite  face,  but  extending  only 
about  half  the  thickness  of  the  concrete  shell. 
Reinforcement  for  the  cells  consists  of  2-  by 
2-in.  12-gauge  welded-wire  mesh,  placed  in  the 
center  of  the  cell  walls  and  continuous  across 
the  openings. 

A  typical  panel  assembly  in  the  position  in 
which  it  is  cast  consists  of  a  bottom  concrete 
slab  1%  in.  in  thickness,  four  rows  of  cells 
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with  the  recessed  faces  on  the  top,  and  a  top 
slab  of  concrete  also  1%  in.  in  thickness, 
making  the  total  depth  of  the  panel  10*4  in.  The 
cells  are  oriented  in  a  checkerboard  pattern, 
with  the  open  ends  of  adjoining  cells  alternating 
in  direction.  The  cells  are  spaced  1%  in.  be¬ 
tween  rows.  Running  in  the  long  direction  of 
the  panel  is  a  steel  bar  truss.  The  trusses  ex¬ 
tend  beyond  the  ends  of  the  cast  panels  and  are 
connected  to  similar  trusses  on  other  panels 
forming  the  structural  assembly.  Reinforce¬ 
ment  for  the  upper  and  lower  slabs  consists  of 
2-  by  2-in.  12-gauge  welded-wire  mesh,  alter¬ 
nate  wir^s  of  which  are  spot-welded  to  the  top 
and  bottom  chords  of  the  trusses.  This  mesh 
extends  out  from  the  sides  and  ends  of  the 
panels  to  serve  as  anchorage  in  the  completed 
assembly. 

A  concrete  stop  of  sheet  metal  is  welded  to 
the  diagonal  members  of  the  truss  near  the  top 
to  prevent  the  concrete  from  filling  the  spaces 
between  cells  in  the  long  direction.  In  the  short 
direction  between  cells,  the  concrete  stops 
consist  of  short  pieces  of  wood.  The  cells  are 
pushed  into  the  bottom  slab  concrete  as  it  is 
poured,  so  that  the  concrete  is  forced  into  the 
bottom  openings  and  between  the  cells  flush 
with  the  inner  surface  of  the  bottom  face  of  the 
cells.  The  top  slab  is  poured  on  the  surface 
formed  by  the  cells  and  the  concrete  stops. 

The  holes  in  the  bottom  of  the  cells  and  the  de¬ 
pressions  in  the  top  of  the  cells  serve  to  key 
these  elements  into  the  slabs. 

In  assembling  the  panels  to  form  the  struc¬ 
ture,  a  bar  truss  identical  with  those  cast  into 
the  panel  is  placed  between  the  precast  panels; 
alternate  projecting  wires  from  each  adjoining 
panel  are  spot-welded  to  the  truss;  and  the 
space  between  panels  is  filled  with  grout. 

The  structural  assembly  consists  of  seven 
roof  panels,  spanning  in  the  short  direction, 
supported  on  similar  panels  in  the  long  walls. 
The  wall  panels  have  their  long  edges  vertical, 
and  the  trusses  of  these  panels  are  welded  to 
the  trusses  in  the  roof  panels.  The  end-wall 
panels  are  also  placed  in  a  vertical  position, 
and  the  vertical  trusses  here  are  welded  to 
short  trusses  which  extend  out  from  the  end 
roof  panels.  These  short  trusses  are,  in  turn, 
welded  to  the  long  trusses  of  the  end  roof  panels 
before  the  casting  of  these  panels.  A  bar  truss 
(T-7  in  Fig.  D.12),  with  chords  twice  the  area  of 


the  typical  truss,  extends  for  the  full  length  of 
the  structure  on  each  of  the  long  edges  of  the 
roof.  These  trusses  are  welded  to  both  the  roof 
and  wall  trusses  at  their  intersections. 

All  edges  of  the  roof  where  the  trusses  extend 
out  of  the  precast  slabs  are  enclosed  with  con¬ 
crete,  poured  in  place  during  the  assembly. 

The  extending  wires  of  the  mesh  are  spliced  by 
similar  mesh  extending  along  the  upper  edges 
of  the  roof.  The  treatment  of  the  vertical 
corners  is  the  same  as  at  the  roof  edges. 

The  foundations  under  the  walls  consist  of 
continuous  pads  of  reinforced  concrete  3  ft 
deep,  2  ft  9  in.  wide  on  the  long  walls  and  2  ft 
8  in.  wide  on  the  short  walls.  A  6-in. -thick 
slab,  poured  on  a  rolled  surface  and  reinforced 
by  %-in.  bars  at  6  in.  on  centers  both  ways,  is 
connected  by  dowels  to  the  concrete  foundation 
pads. 

The  vertical  wall  panels  are  assembled  in  a 
recess  5*4  in.  deep  in  the  foundation  pad  and 
are  connected  to  the  foundations  by  means  of 
two  %-in.  anchor  bolts  at  each  wall  truss.  The 
wall  trusses  are  welded  at  their  bottom  ends  to 
a  reinforced  channel  which  fits  over  the  anchor 
bolts.  After  assembly  of  the  panels  the  recess 
in  the  foundation  is  filled  with  grout. 

Structures  3.2.3a  and  b  are  identical.  Plans, 
elevations,  and  details  of  the  design  are  shown 
in  Figs.  D.9  to  D.12. 

C.5.2  Design 

The  framing  arrangement  of  Structures 
3.2.3a  and  b  is  similar  to  that  of  Structure 
3.2.1b.  In  this  case  the  elements  contain  a 
single-layer  cell  assembly  and  thus  offer  small 
resistance  to  impact  penetration.  However,  the 
arrangement  is  expected  to  provide  high  re¬ 
sistance  to  blast. 

The  roof  trusses,  except  for  trusses  T-7, 
were  designed  in  the  usual  manner  for  live 
loads  of  40  psf.  The  connections,  however, 
were  increased  in  strength  above  that  required 
in  normal  construction. 

Truss  T-7  at  the  rear  wall  on  the  long  side 
of  the  building  is  required  to  resist  tension  in 
the  roof  acting  as  a  girder  under  the  blast 
loading.  A  similar  truss  is  used  at  the  front 
wall  to  make  the  roof  framing  symmetrical. 

Specifications  governing  the  materials  of  the 
framing  are  as  described  for  Structure  3.2.2a. 
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C.5.3  Analysis  for  Blast 

Pressure-time  curves  for  Structures  3.2.3a 
and  b  are  the  same  as  for  Structure  3.2.2a. 
Here  again  the  long  walls  of  the  structures  are 
normal  to  the  blast  wave,  and  a  factor  of  2  is 
used  with  the  peak  overpressure  p„  to  obtain 
the  initial  reflected  pressure. 

The  resistance  of  the  front-wall  panels  to 
blast  was  determined  by  the  method  described 
in  Appendix  B.  Inasmuch  as  the  beams  of  the 
front  edge  of  the  roof,  formed  by  trusses  T-7 
and  the  poured-in-place  concrete,  cannot  de¬ 
velop  the  full  value  of  the  S  forces  of  the  wall- 
panel  vertical  trusses,  the  resistance-deflec¬ 
tion  diagram  for  this  case  was  modified  from 
that  shown  in  Fig.  B.2.  It  was  assumed  that  the 
resistance  of  a  front-wall  panel  would  remain 
constant  throughout  the  deformation,  after  the 
resisting  moments  at  yield-point  strength  had 
been  reached  at  the  ends  and  center  of  the 
panel.  In  other  words,  the  resistance  line  BC 
of  Fig.  B.2  does  not  change  direction  at  C  but 
continues  to  be  horizontal. 

Since  the  main  reinforcing  of  the  roof  is 
parallel  to  the  blast,  the  analysis  for  roof 
panels  was  made  in  the  same  manner  as  that 
given  for  Structure  3.2.2b. 

In  the  analysis  of  the  structure  as  a  whole, 
the  point  of  reference  for  y  was  taken  at  the  top 
of  the  front  wall  at  the  center  of  the  building. 
Values  of  the  constants  0'  and  0[  were  deter¬ 
mined  on  the  assumption  that  the  relative  mo¬ 
tion  of  the  center  of  the  roof,  in  the  direction  of 
the  blast,  with  respect  to  the  ends  of  the  roof 
would  be  small  in  comparison  with  the  total 
over-all  motion  of  the  roof  in  relation  to  the 
foundation. 

With  this  assumption  0'  becomes  Vj  and  0[  is 
determined  from  the  following  relation: 

ft=^(wr  +  ^)  (C.26) 

where  W  =  total  weight  of  structure 
Wr  =  total  weight  of  roof 
Ww  =  total  weight  of  walls 

The  equation  of  motion  (Eq.  C.l)  is  then 
0'A(p  —  q)  =  0i  ^  a 


where  A  =  area  of  front  wall 

p  =  net  pressure  on  structure  in  the 
direction  of  motion 
q  =  resistance 

The  value  of  p0  used  to  determine  p  in  the 
equation  just  given  is  that  found  from  the  anal¬ 
ysis  of  the  front-wall  panels. 

An  approximate  value  for  the  resistance  q  in 
Eq.  C.l  may  be  found  by  assuming  that  the  end 
walls  act  as  short  cantilevers  having  flanges  of 
a  portion  of  the  long  walls,  assumed  as  5  ft  wide 
at  each  end.  The  relation  in  the  elastic  range 
is  then  given  by 


q  = 


8ECT 

Ah’ 


y 


(C.27) 


where  I'  is  the  moment  of  inertia  of  cantilevers, 
and  A  is  the  surface  area  of  the  front  wall. 

In  the  plastic  range  the  resistance  q  is  inde¬ 
pendent  of  y  and  may  be  expressed  t  1 


q  = 


2Mr 

Ah 


(C.28) 


in  which  Mr  is  the  resisting  moment  at  yield- 
point  strength  of  the  beams  formed  of  the  end 
walls  as  webs  and  the  5-ft  portions  of  long 
walls  as  flanges.  This  approximate  method, 
employing  various  lengths  of  flanges,  was  used 
to  estimate  the  maximum  motion  of  the  building 
as  a  whole. 

It  is  to  be  noted  that  Eq.  C.l  is  an  exact  ex¬ 
pression  for  the  motion  of  the  structure,  pro¬ 
vided  that  0',  0{,  and  q  are  exact,  and  the  equa¬ 
tion  becomes  approximate  to  the  extent  of  the 
approximations  made  in  the  values  of  the  con¬ 
stants.  In  order  to  arrive  at  a  more  exact 
value  of  these  constants  than  those  employed 
above,  an  analysis  of  the  deformations  of  the 
roof  and  all  walls  due  to  a  uniform  load  on  the 
front  wall  in  the  elastic  and  plastic  ranges 
would  have  to  be  made.  Such  an  analysis  would 
require  assumptions  as  to  conditions  of  re¬ 
straint  at  the  boundaries  of  the  slabs  and  other 
physical  characteristics.  Although  admittedly 
such  an  analysis  might  result  in  better  approxi¬ 
mations  for  the  constants,  the  rather  involved 
work  required  for  it  is  not  warranted,  particu¬ 
larly  since  the  strength  of  the  front-wall 
panels,  and  not  the  motion  of  the  structure  as  a 
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whole,  is  the  criterion  of  the  ability  of  this 
structure  to  resist  atomic  blast. 

Maximum  lateral  shears  in  the  roof  were 
computed  on  the  assumption  that  the  reaction  of 
the  wall  loads  at  the  roof  followed  a  cosine 
curve,  with  a  maximum  ordinate  at  the  center 
line  of  the  building.  It  was  further  assumed 
that  pressure  loads  on  the  transverse  or  verti¬ 
cal  center  line  of  the  front  wall  were  carried 
equally  to  the  roof  and  foundations.  Then  the 
maximum  ordinate  of  the  reaction  curve  is 
2pj  x  h/2  or  pgh,  where  p(  is  the  peak  overpres¬ 
sure  and  h  is  the  height  of  the  building.  The 
maximum  shear,  V,  in  the  roof  is  then  given  by 


V  =  Poh  J*  cos  “ 


„  L  .  .  it/' 

Y  =  -  p,h  sin  Z 


where  x  =  displacement  measured  from  center 
line  of  building 
L  =  total  length  of  building 
l  '=  distance  from  center  line  of  building 
to  inside  face  of  end  wall 

The  maximum  shear  at  the  base  of  the  end 
wall,  V1(  is  given  by 

V,  =  p,hL  (l  -  i)  =  0.682pjhL  (C.30) 

If  the  ends  of  the  root  acting  as  a  girder  are 
assumed  to  be  50  per  cent  fixed  and  subject  to 
the  load  defined  by  the  cosine  curve  given 
above,  the  lateral  deflection  y',  including  de¬ 
formations  due  to  shear,  at  any  point  of  the 
roof  can  be  computed  in  terms  of  p0,  h,  Ec,  and 
I,  where  Ec  and  I  have  their  usual  meaning.  In 
addition,  the  moment  Mx  and  shear  Vx  can  also 
be  determined  for  any  point.  If  kx  represents 
the  ratio  of  the  deflection  at  any  point  to  the 
center-line  deflection  and  if  w  represents  the 
weight  of  the  roof  per  unit  length,  the  kinetic 
energy  K  of  the  roof  during  motion  may  be  ex¬ 
pressed  as 

«=•«> 


where  W  is  the  total  weight  of  the  roof  and  Cfc 
is  a  constant.  The  strain  energy  U  is  given  by 


U  =  2  f 

j  0 


,/2MLrix  +  2  f 1/2  vi_dx 

,  2EItlX  2ArG 


u=(E*h)!L‘(l  3\+(&hlV  (C.32) 

U  2EIirf  \2  01)  ^ArGir1 

in  which  Ar  is  the  cross -sectional  area  of  the 
roof  and  G  is  the  shear  modulus.  Since  the 
center-line  deflection  y  may  be  expressed  in 
terms  of  pg,  h,  L,  E,  I,  Ar,  and  G,  Eq.  C.32 
may  be  written  in  terms  of  y*  as 

U  =  Cuy1  (C.33) 

where  cu  is  a  constant.  The  work  dW  done  on 
the  roof  by  the  pressure  load  in  the  distance  dy 
is  given  by 


kxp»h  cos 


17  dx)  dy 


dW  =  cwp  dy  (C.35) 

in  which  cw  is  another  constant  and  p  is  the 
pressure  on  the  front  wall  or  the  net  pressure 
on  the  front  and  rear  walls  tending  to  move  the 
roof  in  the  direction  of  the  blast. 

The  change  in  the  kinetic  energy  during  the 
interval  dy  is  found  by  differentiating  Eq.  C.31, 
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and  the  change  in  the  potential  energy  is  given 
by 

dU  =  cu2y  dy  (C.37 

Since  ihe  work  done  in  the  Interval  dy  Is 
equal  to  the  change  in  kinetic  and  potential 
clergies,  it  may  be  seen  from  Eqs.  C.35  to 
C.37  that 
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Equation  C.38  is  the  equation  of  motion  of  the 
roof,  relative  to  the  end  walls,  in  the  elastic 
range  under  the  assumed  conditions  of  loading 
and  restraint  and  is  solved  for  y  by  methods 
explained  in  Appendix  B. 

Motion  in  the  plastic  range  will  begin  after 
the  ultimate  resisting  moment  is  reached  at  the 
center  of  the  span.  The  equations  of  motion  in 
this  range  are  then  determined  by  the  same 
methods  as  explained  in  Appendix  B. 

Equation  C.38  expresses  the  motion  of  the 
center  of  the  roof  with  relation  to  the  end  walls. 
The  total  motion  of  the  center  of  the  roof  is 
then  the  motion  as  given  by  this  equation  plus 
the  motion  of  the  end  walls  as  given  by  Eq.  C.l. 

The  foregoing  analysis  was  made  for  Struc¬ 
ture  3.2.3b  to  determine  its  distance  from 
ground  zero.  Structure  3.2.3a  was  arbitrarily 
placed  at  a  closer  distance. 

C.5.4  Anticipated  Damage,  Structure  3.2.3b 

Damage  to  Structure  3.2.3b  was  expected  to 
be  most  severe  on  the  front  wall.  Here  crack¬ 
ing  of  the  concrete  was  expected  to  occur  over 
the  whole  wall;  the  largest  cracks  or  breaking 
of  concrete  were  expected  to  occur  on  the  in¬ 
side  faces  of  the  wall  panel  at  midheight  and  on 
the  outside  faces  near  the  top  and  bottom.  It 
was  thought  that  the  concrete  cover  over  the 
vertical  trusses  would  be  lost  at  these  locations 
and  the  trusses  would  be  bent;  Panels  P-3a  and 
P-3b  would  be  sheared  from  their  connections 
to  the  end  walls;  and  the  separation  or  lateral 
shift  would  be  greatest  at  midheight,  tapering 
off  toward  the  roof  and  the  foundation.  Cracking 
and  breaking  out  of  the  poured-in-place  con¬ 
crete  at  the  corner  of  the  building  was  expected 
to  occur  at  these  locations.  It  was  thought  that 
the  mesh  reinforcement  here  might  be  sheared 
off  or  pulled  out  to  some  extent. 

Vertical  joints  of  the  front  wall  were  ex¬ 
pected  to  be  most  severely  damaged  on  the  in¬ 
side  faces  of  the  panel  connections.  Some  of 
this  concrete  was  expected  to  spall  and  fall  by 
the  force  of  the  initial  blast  impact. 

It  was  anticipated  that  grout  poured  in  the 
foundation  slot  would  crack  and  dislodge  on  the 
front  side  and  crush  on  the  inside.  The  chan¬ 
nels  to  which  the  vertical  trusses  were  welded 
were  expected  to  be  bent  at  the  anchor  bolts.  It 
was  expected  that  the  outside  line  of  anchor 
bolts  on  the  front  wall  would  be  pulled  out 


slightly  and  bent  in  the  direction  of  the  blast; 
the  inside  line  of  anchor  bolts  would  be  pushed 
inward  and  bent.  The  ends  of  the  front  wall  at 
the  foundations  were  expected  to  rise  slightly, 
exposing  the  dowels  and  mesh  at  these  loca¬ 
tions. 

Damage  to  the  roof  was  expected  to  be  much 
less  severe  than  that  to  the  front  wall.  The 
largest  cracking  or  destruction  of  concrete  of 
the  roof  was  expected  on  the  upper  part  of  the 
panels  near  the  front  wall.  Less  severe  crack¬ 
ing  was  expected  on  the  inside  faces  of  the 
panels  near  the  center  of  the  building.  The  two 
transverse  grouted  joints  near  the  center  of  the 
building  were  expected  to  remain  intact  or 
show  only  slight  cracks  near  the  rear  wall. 
However,  the  other  joints  in  the  roof  were  ex¬ 
pected  to  show  cracks  throughout  or  possibly 
separate  on  the  inside  surfaces  of  the  panels. 

In  addition,  shear  cracks  in  the  l*/»-in. -thick 
slab  concrete  of  the  panels  were  expected  to 
occur,  the  roof  panels  near  the  ends  of  the 
buildings  suffering  moBt  damage  of  this  type. 

The  end-wall  panels  were  expected  to  be 
damaged  in  a  manner  similar  to  those  of  the 
front  wall  but  only  to  a  minor  degree.  Cracking 
of  the  concrete  here  was  expected  to  be  most 
severe  at  the  outside  faces  of  the  panels  near 
the  roof. 

Damage  to  the  precast-concrete  cells  was 
expected  to  be  slight.  Only  those  cells  adjacent 
to  the  poured-in-place  vertical  edges,  to  the 
front  edge  of  the  roof,  and  to  the  front  wall  at 
the  foundation  were  expected  to  have  through 
cracks  or  be  otherwise  damaged. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  result  would  have  been  a  cor¬ 
responding  increase  in  the  damage  to  the 
structure  as  described  above,  but  this  would 
not  have  caused  the  buildings  to  collapse  or  the 
front-wall  elements  to  fail,  except  for  possible 
separation  of  Individual  cells  of  panel  assem¬ 
blies. 

C.5.5  Anticipated  Damage,  Structure  3.2.3a 

Damage  to  Structure  3.2.3a  was  expected  to 
be  very  severe.  It  was  anticipated  that  the 
nature  of  the  damage  would  be  as  described  for 
Structure  3.2.3b,  except  that  it  would  be  greater 
in  extent  and  there  would  be  more  failures  in 
the  concrete.  Opening  of  all  the  grouted  joints 
in  the  roof  on  the  underside  of  the  panels  and 
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breaking  out  of  concrete  at  the  top  face  adjacent 
to  the  poured-in-place  edge  beams  were  both 
expected  to  occur.  In  addition,  some  of  the 
anchor  bolts  at  the  front  face  were  expected  to 
fail  by  combined  shear  and  bending. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  result  would  have  been  the 
collapse  of  the  structure  by  failure  of  the  front- 
wall  panels.  These  panels  would  have  been 
pushed  inward,  shearing  their  connections  to 
the  foundation,  and  some  of  the  cells  would  have 
been  bodily  dislodged.  Connections  of  the 
front-wall  panels  to  the  roof  panels  would 
probably  not  have  been  broken,  but  the  inward 
motion  of  the  front  wall  would  have  pulled  the 
roof  panels  down.  The  truss  connections  of  the 
side-wall  panels  to  the  roof  trusses  nearest  the 
end  walls  would  have  caused  the  roof  to  break 
apart  at  these  locations,  and  the  side  walls 
would  have  leaned  toward  the  center  of  the 
building  but  would  probably  have  remained 
standing. 


C.6  STRUCTURE  3.2.4a 

C.6.1  Framing  Arrangement 

Structure  3.2.4a,  of  precast -concrete  design, 
was  recently  developed  by  the  Bureau  of  Yards 
and  Docks  for  use  as  a  magazine.  The  main 
framing  consists  of  pairs  of  cast  panels  with 
wedge-shaped  edge  beams,  bolted  together  at 
the  center  or  crown  of  the  building  and  also 
bolted  to  the  foundation.  The  precast  panels 
have  a  nominal  width  of  4  ft,  and  10  pairs  are 
used  to  form  a  structure  40  ft  long,  20  ft  wide 
on  the  inside  between  the  vertical  portions  of 
the  slabs,  and  12  ft  6  in.  high  at  the  crown. 

The  panel  slabs  are  2  in.  thick  and  are  rein¬ 
forced  with  2-  by  2-in.  8-gauge  welded-wire 
mesh.  End  edge  beams  and  subbeams  divide 
the  slab  into  approximately  square  subpanels. 
Connections  of  the  panels  to  each  other  are 
made  by  means  of  bolts  passing  through  pipe 
sleeves  in  the  edge  beams. 

The  structure  is  covered  with  an  earth  fill  to 
a  depth  of  2  ft  over  the  roof.  The  fill  follows 
the  slope  of  the  roof  panels  and  at  the  sides  and 
rear  of  the  building  has  a  slope  of  1.5  to  1.0. 
The  earth  fill  is  retained  from  the  front  of  the 
building  by  wing  walls. 


The  rear  wall  consists  of  three  flat  precast 
panels  having  a  2-in. -thick  slab  stiffened  by 
10-in. -deep  edge  beams  and  by  a  lO-in.-deep 
vertical  beam  in  the  center.  The  top  edges  of 
the  assembled  panels  follow  the  outline  of  the 
frames.  The  front  wall  consists  of  similar 
panels  with  6-in. -deep  edge  and  stiffening 
beams.  These  panels  extend  about  2  ft  above 
the  roof  to  retain  the  fill  and  are  contiguous 
with  wing-wall  panels.  The  wing-wall  panels 
are  buttressed  by  means  of  precast  panels  set 
normal  to  the  plane  of  the  wing  walls  and  cov¬ 
ered  by  the  fill.  All  end-wall  panels  are  bolted 
to  each  other  and  to  the  building  frame  and 
foundations  through  pipe  sleeves  cast  in  the 
edge  beams. 

The  foundation  consists  of  a  continuous  rein- 
forced-concrete  pad  2  ft  deep  and  2  ft  6  in. 
wide.  The  precast  panels  making  up  the  frames 
are  placed  in  2-in.-deep  slots  in  the  foundation, 
whereas  end-wall  panels  are  set  flush  with  the 
top  of  the  foundation  pad.  A  reinforced-con- 
crete  tie  or  strut  connects  the  long  sides  of  the 
pad  near  the  center  of  the  structure. 

The  floor  slab,  consisting  of  precast  panels 
framing  in  the  short  direction  of  the  building, 
is  supported  and  attached  to  the  foundation  pad 
by  bolting.  The  floor  panels  have  2-in. -thick 
slabs  reinforced  with  wire  mesh  and  6-in.-deep 
edge  and  subbeams. 

Plans,  elevations,  and  details  of  the  design 
are  shown  in  Figs.  D.13  and  D.14. 

C.6.2  Design 

The  analysis  of  the  main  framing  for  the 
design  loads  was  made  on  the  assumption  that 
the  frames  were  hinged  at  the  crown  and  at  the 
supports.  The  weight  of  the  earth  cover  was 
assumed  to  be  100  lb/cu  ft,  and  lateral  pres¬ 
sures  due  to  the  fill  were  computed  in  the  usual 
way.  The  design  of  the  slabs  of  the  panels  was 
governed  by  the  earth  pressure  near  the  base, 
and  the  required  thickness  and  reinforcing  here 
were  made  uniform  throughout  the  remainder  of 
the  panel.  The  main  tensile  reinforcement  for 
the  frames  is  placed  in  the  edge  beams,  and  the 
depth  of  these  beams  roughly  follows  the  stress 
pattern. 

The  rear  end-wall  panels  and  the  wing  walls 
were  designed  to  resist  the  earth  pressure  at 
those  locations,  and  the  front- wall  panels  were 


made  similar  except  for  the  depth  of  the  edge 
beams.  The  size  of  bolts  used  in  the  connec¬ 
tions  was  increased  above  that  required  for 
ordinary  construction. 

Specifications  for  the  materials  of  construc¬ 
tion  are  the  same  as  those  described  for 
Structure  3.2.2a. 

C.6.3  Analysis  for  Blast 

The  variation  of  pressure  with  time  due  to 
atomic  blast  for  the  walls  and  roof  of  a  struc¬ 
ture  of  this  shape  and  covered  by  an  earth  fill 
is  not  known.  It  was  assumed  that  the  reflected 
pressures  on  the  vertical  portions  of  the  long 
side,  oriented  so  that  they  would  be  normal  to 
the  blast  wave,  would  be  similar  to  those  for 
a  rectangular  structure.  Here,  however,  the 
earth  cover  would  reduce  the  effective  pressure 
acting  on  the  structure.  It  was  assumed  that  the 
pressure  on  the  vertical  portion  of  the  front 
wall  was  equal  to  the  reflected  pressure  times 
the  cosine  of  the  angle  made  by  the  fill  with  the 
vertical.  For  the  sloping  roof  surface  above 
the  haunch,  the  maximum  pressure  was  as¬ 
sumed  to  be  the  peak  overpressure. 

Pressures  on  the  front  vertical  wall  were 
assumed  to  vary  as  indicated  in  Fig.  B.5  but 
modified  as  described  in  the  preceding  discus¬ 
sion.  The  time  tj  was  computed  as  before, 
assuming  h  in  this  case  to  be  the  total  height  of 
the  structure  plus  the  fill.  On  the  sloping 
surface  the  pressure  was  assumed  to  vary  uni¬ 
formly  from  the  peak  overpressure  to  zero  at 
the  end  of  the  period  of  overpressure. 

On  the  back  side  of  the  structure,  pressures 
for  the  sloping  roof  surface  were  taken  as  in¬ 
dicated  in  Fig.  B.7.  For  the  rear  vertical  wall 
the  same  pressures  were  used  except  that  they 
were  modified  by  the  slope  of  the  earth  fill  as 
in  the  case  of  the  front  wall. 

The  strength  of  the  local  subpanels  of  the 
frames  was  determined  as  described  for  Struc¬ 
ture  3.2.2a.  Here  the  most  critical  panels  were 
located  on  the  sloping  surface  of  the  front  part 
of  the  roof.  In  the  computations  the  mass  of  the 
earth  cover  was  included  in  the  mass  of  the 
panel. 

Resistance  to  motion  of  the  structure  as  a 
whole  is  provided  by  the  end-wall  panels  acting 
together,  by  the  passive  resistance  of  the  earth 
fill,  and  by  the  frames.  An  analysis  of  the  mo¬ 


tion  of  the  center  frames  was  made  on  the  as¬ 
sumption  that  they  received  no  help  from  the 
end  walls.  The  analysis  was  made  in  the  same 
manner  as  described  for  the  roof  of  Structure 
3.2.2b,  except  that  deformations  due  to  shear 
were  not  considered  here.  In  this  analysis  it 
was  assumed  that  pressures  on  the  front  wall 
and  the  sloping  portion  of  the  roof  were  applied 
simultaneously.  The  mass  of  earth  moving  with 
the  structure  included  only  the  earth  on  the 
roof. 

C.6.4  Anticipated  Damage 

It  was  anticipated  that  damage  to  this  struc¬ 
ture  resulting  from  the  test  would  be  most 
severe  on  the  frames  near  the  crown  of  the 
roof.  Cracking  and  breaking  out  of  concrete  in 
the  edge  beams  at  the  crown  was  expected  to  be 
greatest  at  the  bolt  locations.  The  bolts  here 
were  anticipated  to  be  bent  and  elongated  and 
possibly  fractured.  Less  severe  cracking  of 
edge  beams  was  expected  in  the  region  of  the 
haunches.  Cracks  on  the  inside  faces  of  the 
edge  beams  and  for  a  portion  of  the  slabs  were 
expected  to  occur  on  the  side  facing  the  blast. 
On  the  Side  away  from  the  blast,  cracks  at  the 
haunches  were  expected  to  occur  at  the  outside 
edges  of  the  beams. 

Cracking  of  the  2-in.  concrete  slabs  was 
expected  to  be  most  general  in  the  sloping  por¬ 
tions  of  the  roof  where  the  earth  cover  was 
smallest.  At  the  knees  of  the  frames,  cracking 
of  the  panels  was  expected  to  be  greatest  on  the 
front  side. 

The  vertical -wall  panels  were  not  expected 
to  be  severely  damaged.  The  concrete  of  the 
edge  beams  here  was  expected  to  be  cracked  at 
the  connections  to  the  frames  and  foundations, 
and  shear  cracks  were  expected  in  the  2-in.- 
thick  panels.  The  wing-wall  panels  were  ex¬ 
pected  to  be  pushed  out  slightly  away  from  the 
fill  and  to  be  cracked  at  the  edge-beam  connec¬ 
tions.  Damage  to  the  floor  panels  was  expected 
to  be  minor  and  confined  to  a  small  amount  of 
cracking  at  the  connections  to  the  foundation 
pad. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  damage  would  have  been  more 
severe  than  just  described,  but  a  collapse  of 
the  structure  would  not  have  been  anticipated. 
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C.7  STRUCTURE  3.2.4b 

C.7.1  Framing  Arrangement 

Structure  3.2.4b  is  similar  to  Structure 
3.2.4a,  having  the  same  framing  arrangement 
and  outside  dimensions,  but  it  has  no  earth 
cover  or  wing  walls.  Of  the  10  frames  com¬ 
prising  the  main  structure,  five  have  edge 
beams  or  ribs  extending  outward  from  the 
slabs  of  the  precast  panels,  and  five  have  ribs 
extending  inward.  Frames  with  outward  ribs 
are  on  one  side  of  the  transverse  center  line  of 
the  building,  and  those  with  inward  ribs  are  on 
the  other  side  of  the  center  line.  In  the  center 
frame  of  each  group  the  transverse  stiffening 
ribs  are  omitted. 

The  foundation  consists  of  a  continuous  pad 
similar  to  that  for  Structure  3.2.4a  and  has  two 
reinforced-concrete  struts  connecting  the  long 
sides  at  about  the  third  points.  Floor  panels 
are  omitted  at  the  strut  locations. 

Plans,  elevations,  and  details  of  design  are 
shown  in  Fig.  D.15. 

C.7. 2  Design 

Frames  of  this  building  are  of  the  same  type 
as  those  designed  for  Structure  3.2.4a. 

C.7. 3  Analysis  for  Blast 

Analysis  for  blast  was  made  in  the  same 
manner  as  for  Structure  3.2.4a,  except  that  the 
effects  of  the  earth  fill  were  omitted. 

C.7.4  Anticipated  Damage 

As  in  the  case  of  Structure  3.2.4a,  damage  to 
the  concrete  was  expected  to  be  most  severe  at 
the  crown  and  haunches  of  the  structure. 
Through  cracks  in  the  edge  beams  were  ex¬ 
pected  to  occur  at  these  locations.  Cracking  of 
edge-beam  concrete  was  also  expected  at  the 
connection  to  the  foundations.  A  lateral  shift  in 
the  direction  of  the  blast  was  expected  at  the 
foundations,  accompanied  by  breaking  of  the 
concrete  at  the  corners  of  the  slot  in  the  foun¬ 
dation  away  from  the  blast  and  by  bending  and 
elongation  of  the  front  anchor  bolts. 

Damage  to  the  2 -in.  panels  was  expected  to 
be  most  severe  in  those  sections  where  the 
stiffening  ribs  were  omitted.  Extensive  damage 
to  the  concrete  slabs  along  the  edge  beams  was 


expected  to  occur.  Large  through  cracks  were 
expected  at  these  locations. 

Damage  to  the  end-wall  panels  was  expected 
to  be  similar  to  that  described  for  Structure 
3.2.2a  but  more  severe  in  this  case,  particu¬ 
larly  at  the  connections  to  the  frames. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  damage  would  have  been  much 
more  extensive  than  just  described,  with  pos¬ 
sible  collapse  of  the  center  portion  of  the 
structure. 

C.8  STRUCTURE  3.2.5 

C.8.1  Framing  Arrangement 

Structure  3.2.5  represents  another  type  of 
precast-concrete  magazine  developed  by  the 
Bureau  of  Yards  and  Docks.  As  in  the  case  of 
Structure  3.2.4a,  the  main  framing  comprises 
10  pairs  of  frames  bolted  together  at  the  crown 
and  to  the  foundations.  Here,  however,  the 
assembled  frames  form  a  semicircle  having  a 
radius  of  about  10  ft,  and  the  edge  beams  have 
a  constant  depth  of  6  in.  throughout.  As  in  the 
case  of  Structure  3.2.4b,  five  of  the  10  frames 
have  the  ribs  extending  outward  and  the  re¬ 
maining  five  inward.  Here,  also,  stiffening 
ribs  are  omitted  on  one  section  of  each  type. 
Stiffening  ribs  are  of  the  same  depth  as  the 
edge  beams  and  divide  the  panel  of  each  half 
frame  into  four  approximately  equal  subpanels. 

The  end  walls  consist  of  three  precast  panels 
with  their  upper  ends  rounded  to  follow  the 
curve  of  the  frames.  These  panels  are  bolted 
to  each  other,  to  the  frames,  and  to  the  foun¬ 
dation  pad.  Entrance  to  the  structure  is  pro¬ 
vided  by  a  door  panel  inserted  in  the  center 
panel  at  one  end  of  the  building. 

The  foundation  consists  of  a  continuous  pad 
2  ft  6  in.  wide  and  2  ft  deep,  connected  at  about 
the  third  points  of  the  long  sides  by  reinforced- 
concrete  struts.  Floor  panels,  similar  to  those 
for  Structure  3.2.4a,  span  in  the  short  direc¬ 
tion;  they  are  supported  and  bolted  at  the  ends 
in  a  recess  in  the  foundation  pad  and  are  con¬ 
nected  to  it  by  means  of  three  s/4-in.  anchor 
bolts  in  each  panel. 

Plans,  elevations,  and  details  of  design  are 
shown  in  Fig.  D.16. 
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C.8.2  Design 

The  design  of  the  structure  was  made  on  the 
basis  of  an  earth  fill  covering  the  crown  to  a 
depth  of  2  ft.  The  design  assumptions  were  the 
same  as  those  made  for  Structure  3.2.4a. 

C.8.3  Analysis  for  Blast 

The  structure  is  oriented  so  that  the  long 
axis  is  normal  to  the  blast  wave.  Shock-tube 
investigations  by  Bleakney  at  Princeton  Uni¬ 
versity,  in  which  the  disturbance  to  flow  had  a 
semicircular  shape,  provided  some  of  the  nec¬ 
essary  pressure-time  relations.  The  data  pre¬ 
sented  by  Bleakney  give  the  pressure  distribu¬ 
tion  for  the  shock  wave  passing  over  the 
obstacle  and  for  a  very  short  time  thereafter. 

It  was  assumed  that  the  pressures  for  the  re¬ 
mainder  of  the  positive  phase  would  drop  to 
atmospheric  at  the  end  of  this  period,  varying 
directly  with  the  time. 

Maximum  reflected  pressures  of  about  2.3 
times  the  peak  overpressure  occur  on  the  side 
facing  the  blast  up  to  an  angle  on  the  arc  of  the 
section  of  about  30°.  (Angles  are  measured 
from  the  horizontal,  starting  from  the  ground 
line  on  the  side  in  the  direction  of  the  blast.) 
Accordingly,  the  most  critical  section  for  a 
subpanel  is  a  slab  located  in  this  region.  A 
curve  showing  variations  in  the  ratio  of  re¬ 
flected  pressure  to  peak  pressure  with  time 
was  constructed  from  Bleakney’s  data  for  a 
section  having  an  angle  of  15°,  and  this  curve 
was  approximated  by  straight  lines  (Fig.  C.5). 
The  total  time  covered  by  the  curve  was  850 
psec  for  the  model  used  in  the  Princeton  tests, 
which  corresponds  to  a  time  of  about  0.113  sec 
on  the  actual  structure,  when  the  velocity  of  the 
shock  front  is  assumed  at  1400  ft/sec.  For  the 
time  from  0.0482  sec  to  the  end  of  the  period 
of  overpressure  r,  the  pressure  was  assumed 
to  decay  lineally. 

For  the  time  periods  thus  described,  the 
pressures  p  on  the  slab  are  expressed  in  terms 
of  p0  and  t  in  a  manner  similar  to  that  given  by 
Eqs.  B.7  and  B.8.  The  slab  analysis  was  made 
assuming  a  one-way  reinforced  beam  of  1  -ft 
width  between  the  edge  beams  subject  to  the 
pressures  as  determined  above.  This  is  some¬ 
what  conservative  since  the  effect  of  two-way 
supports  afforded  by  the  crossbeams  is  neg¬ 


lected.  For  the  structure  as  a  whole,  analysis 
was  made  in  a  manner  similar  to  that  made  for 
Structure  3.2.4b. 

C.8.4  Anticipated  Damage 

Damage  to  this  structure  resulting  from  a 
bomb  of  the  strength  proposed  for  the  test  was 
expected  to  be  somewhat  similar  to  that  to 
Structure  3.2.4b.  Damage  to  the  ribs  was  ex¬ 
pected  to  be  most  severe  at  the  crown,  founda¬ 
tions,  and  quarter  points.  Damage  to  the  panels 
was  expected  to  be  greatest  in  frames  without 
cross-ribs. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  center  portion  of  the  structure 
probably  would  have  collapsed.  The  elements 
near  the  end  walls  probably  would  not  have 
collapsed,  but  they  would  have  been  severely 
damaged. 

C.9  STRUCTURE  3.2.6 

C.9.1  Framing  Arrangement 

With  the  exception  of  the  entrance  and  wing 
walls,  Structure  3.2.6  is  built  entirely  of  pre¬ 
cast  panels  bolted  together  to  form  a  dome.  In 
plan  the  structure  is  a  regular  polygon  of  16 
sides  circumscribing  a  circle  with  a  radius  of 
about  16  ft  3  in.  Radial  lines  from  the  center  to 
the  vertices  outline  the  meridian  edges  of  the 
planes  of  the  panels  except  for  the  center  or 
top  panel. 

Around  the  center  panel  are  four  rings,  each 
containing  16  identical  precast  panels,  except 
for  the  two  bottom  rings  where  one  of  the 
panels  in  each  ring  is  replaced  by  the  poured- 
in-place  entiance  section.  The  plane  of  the 
central  panel  is  horizontal,  and  its  inner  face 
is  14  ft  above  the  floor  slab.  The  centers  of  the 
upper  and  lower  edges  at  the  inside  faces  of  the 
other  panels  are  on  a  vertical  circle  having  a 
14-ft  radius  and  a  center  2  ft  off  the  center  of 
the  structure  as  shown  in  plan. 

The  edge  beams  of  the  panel  are  6  in.  deep 
and  are  inclined  to  the  plane  of  the  panels  so 
that  in  assembly  they  fit  tightly  against  adjacent 
beams.  The  panels  are  held  in  position  by  bolt¬ 
ing  through  the  width  of  the  edge  beams  and  are 
fastened  to  the  foundation  and  entrance  section 
by  means  of  anchor  bolts. 


» 


1 


» 


I 


242 


7 


WE fluffs** 


£  fc 


243 


UNCLASSIFIED 


The  structure  is  covered  with  an  earth  fill 
2  ft  deep  at  the  crown.  The  fill  follows  the 
curve  of  the  roof  until  the  slope  is  1.5  hori¬ 
zontal  to  1.0  vertical  where  it  continues  uni¬ 
formly  to  grade. 

The  foundation  consists  of  a  continuous  re- 
inforced-concrete  pad  2  ft  3  in.  deep  and  2  ft 
9  in.  wide.  A  6-in.  slab  poured  on  a  rolled  sub¬ 
grade  is  doweled  into  the  pad  and  made  flush 
with  its  top  surface. 

Plans,  elevations,  and  details  of  the  design 
are  shown  in  Figs.  D.17  and  D.18. 

C.9.2  Design 

The  design  of  the  panels  was  based  on  sup¬ 
porting  the  fill  plus  a  nominal  10-psf  live  load. 
Since  compressive  stresses  exist  between  all 
panels,  the  bolts  would  be  required  to  resist 
components  of  stress  parallel  to  the  planes  of 
separation  at  the  edge  beams.  These  bolts, 
however,  were  made  heavier  than  necessary 
for  the  design  loads  in  order  to  provide  greater 
stability  against  blast.  Panels  B,  C,  and  D  were 
originally  designed  with  a  vertical  stiffening 
rib,  and  the  thickness  of  the  slab  varied  for 
each  ring.  After  a  preliminary  blast  analysis 
was  made,  the  design  was  changed  so  that 
panels  B,  C,  and  D  had  slabs  of  the  same  thick¬ 
ness,  and  a  horizontal  stiffening  rib  was  added. 
The  addition  of  this  stiffening  rib  permitted  the 
thickness  of  the  slabs  to  be  reduced  from  that 
contemplated  in  the  original  design. 

Specifications  governing  the  materials  of  the 
design  are  as  described  for  Structure  3.2.2a. 

C.9.3  Analysis  for  Blast 

Pressure-distribution  curves  and  pressure¬ 
time  curves  for  an  atomic  blast  striking  a 
structure  of  this  shape  and  under  an  earth  fill 
have  not  been  determined.  It  was  assumed  that 
the  most  critical  panels  were  those  whose 
planes  were  normal  to  the  direction  of  the 
shock  wave.  For  these  panels  the  pressure¬ 
time  relation  was  assumed  to  be  the  same  as 
for  a  structure  of  cylindrical  shape. 

In  the  analysis  for  the  slabs  of  the  precast 
panels,  it  was  assumed  that  the  edges  did  not 
move  and  that  the  mass  of  the  panel  was  in¬ 
creased  by  the  earth  fill  moving  in  the  same 
direction  as  the  panel.  For  panels  C  and  D,  the 
amount  of  earth  moving  with  the  panel  was 


assumed  to  be  uniformly  distributed  over  the 
panel,  having  a  depth  equal  to  the  depth  of  fill 
normal  to  the  panel  at  its  center  line.  The 
analysis  was  made  in  a  manner  similar  to 
Example  3  of  Sec.  B.2.2,  using  an  average 
value  of  the  span  for  the  sloping  sides. 

No  analysis  was  made  of  the  over -all  bending 
of  the  assembly.  Owing  to  absence  of  pressure- 
distribution  data  applicable  to  this  case  as  well 
as  to  the  indeterminate  nature  of  the  structural 
behavior  of  the  assembly,  the  magnitude  of  the 
moments  produced  by  the  unsymmetrical  load¬ 
ing  could  not  be  determined. 

C.9.4  Anticipated  Damage 

Damage  to  this  structure  was  expected  to  be 
greatest  for  the  upper  panels.  The  center  panel 
was  expected  to  be  cracked  around  the  base  of 
the  circular  edge  beam  on  the  upper  side;  on 
the  lower,  or  inner,  side  it  was  expected  to  be 
cracked  near  the  center.  The  center  panel  as  a 
whole  was  expected  to  be  pushed  inward,  and 
the  bolts  connecting  It  to  the  A  panel  were  ex¬ 
pected  to  be  bent.  It  was  thought  that  the  edge 
beams  of  panels  A  would  be  cracked  most 
severely  near  the  top  and  the  slabs  near  the 
center,  on  the  inside.  Panels  B  were  expected 
to  exhibit  similar  cracks  but  to  a  lesser  degree 
than  on  panels  A.  Damage  to  panels  C  and  D 
was  expected  to  be  minor. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  damage  to  the  upper  panels 
would  be  correspondingly  more  severe  than 
just  described,  and  panels  C  would  crack  on 
the  upper  edges.  Panels  D  would  be  damaged  to 
a  minor  degree. 

This  theory  was  predicated  on  the  assumption 
that  the  over-all  bending  moments  produced  by 
the  unsymmetrical  loading  were  not  large 
enough  to  cause  the  connecting  bolts  to  fail  and 
the  structure  to  collapse.  As  explained,  these 
moments  could  not  be  satisfactorily  computed. 

It  appeared  that  the  over-all  strength  of  this 
structure  could  best  be  determined  by  the  test. 


C.10  STRUCTURES  3.2.7a  AND  b 

C.10.1  Framing  Arrangement 

Structures  3.2.7a  and  b  are  conventional  one- 
story  poured-in-place  concrete  buildings.  The 
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structures  are  identical  except  for  the  main 
reinforcing  steel,  the  amount  of  steel  for  Struc¬ 
ture  3.2.7a  being  twice  that  for  Structure  3.2.7b. 

The  structure  is  41  by  21  ft  in  plan  and  is 
11  ft  6  in.  high  above  the  foundation.  The  3-in.- 
thick  roof  is  supported  by  two  beams,  placed  at 
the  third  points,  which  frame  into  a  transverse 
girder  at  the  center  of  the  building.  The  main 
reinforcement  for  the  roof  is  parallel  to  the 
short  sides  of  the  building  and  is  bent  up  at  the 
beam  locations.  The  girder  is  supported  by 
columns  which  are  poured  integrally  with  the 
6-in.  walls.  The  principal  wall  reinforcement 
runs  in  the  vertical  direction  and  consists  of 
Vi-in.  bars  placed  in  the  center  of  the  wall  on 
6-in.  centers  for  Structure  3.2.7a  and  on  12-in. 
centers  for  Structure  3.2.7b. 

The  foundation,  which  is  carried  to  a  depth  of 
3  ft  below  grade,  is  in  the  shape  of  an  inverted 
T  in  cross  section  and  is  made  continuous.  The 
foundation  is  widened  at  the 'column  locations. 

A  reinforced-concrete  tie  at  the  top  of  the 
foundation  connects  the  long  sides  at  the  trans¬ 
verse  center  line.  A  second  tie,  used  for  in¬ 
strumentation,  is  placed  at  the  quarter  point. 

Plans,  elevations,  and  details  are  shown  in 
Fig.  D.19. 

C.10.2  Design 

The  design  criteria  for  these  structures  were 
the  same  as  for  Structure  3.2.2a. 

C.10.3  Analysis  for  Blast 

The  analysis  for  these  structures  was  made 
in  the  same  manner  as  for  Structure  3.2.3a, 
except  for  loads  normal  to  the  roof  surface. 

For  these  loads  the  analysis  given  in  Appendix 
B  was  used.  Since  the  main  reinforcement  is 
parallel  to  the  direction  of  blast,  the  value  of  x 
used  in  the  expressions  for  the  time  and  pres¬ 
sure  was  taken  to  the  center  of  the  panel 
formed  by  the  roof  beam  and  the  rear  wall;  an 
average  pressure,  varying  with  time,  was  used 
over  the  span. 


C.10.4  Anticipated  Damage,  Structure  3.2.7a 

Damage  to  Structure  3.2.7a  was  expected  to 
be  most  severe  on  the  front  wall.  On  the  out¬ 
side  face,  cracking  of  concrete  was  ejected  to 
be  greatest  along  the  edges  of  the  rectangles 
formed  by  the  end  walls,  the  column,  and  the 
underside  of  the  roof.  Principal  cracking  of 
concrete  on  the  outside  faces  was  expected  to 
occur  near  the  center  of  these  rectangles. 

On  the  roof  the  concrete  was  expected  to 
crack  over  the  beams  along  the  front  edge  and 
at  the  edges  of  the  girders.  Cracking  was  ex¬ 
pected  to  be  less  severe  at  the  rear  edge  of  the 
roof.  Damage  to  the  side  walls  was  expected  to 
be  mainly  in  the  form  of  shear  cracks.  It  was 
thought  that  damage  to  the  rear  wall  would  be 
minor. 

It  was  anticipated  that  cracking  of  the  column 
on  the  front  wall  would  be  most  severe  at  the 
top  of  the  inside  face  and  at  the  bottom  of  the 
outside  face.  The  column  on  the  rear  wall  was 
expected  to  be  similarly  cracked,  but  the 
cracks  were  expected  to  occur  on  the  outside 
face  at  the  top  and  on  the  inside  face  at  the 
bottom.  It  was  thought  that  the  transverse 
girder  would  be  cracked  mainly  at  the  ends  and 
would  have  shear  cracks  near  the  beams. 

Had  the  anticipated  pressures  been  20  per 
cent  greater,  the  damage  would  have  been  much 
more  extensive  and  severe  than  just  described, 
but  a  collapse  of  the  structure  would  not  have 
been  expected. 

C.10.5  Anticipated  Damage,  Structure  3.2.7b 

Damage  to  Structure  3.2.7b  was  expected  to 
be  similar  to  that  of  Structure  3.2.7a  but  less 
severe  in  extent. 


REFERENCE 

1.  C.  A.  Trexel,  CAPT,  CEC,  USN,  “Bombproof 
Structures,”  U.  S.  Government  Printing  Office, 
Washington,  D.  C.,  Sept.  30,  1941. 


245 


Appendix  D 

Design  Drawings  and  Specifications 


D.l  GENERAL  CLAUSES 

D.1.1  General  Description 

The  work  for  the  test  structures  includes 
concrete  work,  masonry,  steelwork,  woodwork, 
and  field  painting. 

D.l. 2  Drawings 

The  following  drawings  accompany  this  speci¬ 
fication  and  are  a  part  of  it.  Where  “as  shown,” 
“as  indicated,”  “as  detailed,”  or  words  of 


D.l. 3  Standard  Specifications 

Except  as  provided  otherwise  by  this  specifi¬ 
cation  and/or  its  accompanying  drawings,  the 
standard  specifications  given  in  the  following 
list  or  mentioned  elsewhere  herein  (including 
the  addenda,  amendments,  and  errata  listed) 
shall  govern  in  all  cases  where  references  to 
standard  specifications  are  made.  Special  care 
shall  be  exercised  to  refer  in  requests  for  quo¬ 
tations,  in  orders,  and  in  subcontracts  to  the 
standard  specifications  and  to  all  modifications 


similar  import  are  used,  it  shall  be  understood 

thereof. 

that  reference  to  these  drawings  is  made  unless 
stated  otherwise.  The  drawings  are  the  prop- 

13Yc 

October  1935 

Concrete  construc¬ 
tion,  including 
addendum  No.  1. 

Structural-steel 
welding,  including 

erty  of  the  Government  and  shall  not  be  used 
for  any  purpose  other  than  that  contemplated  by 
the  specification. 

22Yb 

October  1939 

Fig. 

No. 

Y  &  D 
Dwg.  No. 

Title 

43Blld 

Jan.  15,  1946 

addendum  No.  2. 
Bolts,  nuts,  studs, 
and  tap-rivets 
(and  material  for 

D.l 

481343 

Type  3.2.1a,  structural  details 

D.2 

481344 

Type  3.2.1b,  general  plans 

same)  including 

D.3 

481345 

Type  3.2.1b,  truss  details 

amendment  1. 

D.4 

481346 

Type  3.2.1b,  foundation  plan 

QQ-S-741 

Dec.  9,  1942 

Steel:  structural 

D.5 

481347 

Type  3.2.2a,  structural  details 

(including  welding) 

D.6 

481348 

Type  3.2.2a,  structural  details 

and  rivet  (for) 

D.7 

481349 

Type  3.2.2b,  structural  details 

bridges  and  build- 

D.8 

481350 

Type  3.2.2b,  structural  details 

ings,  including 

D.9 

481351 

Type  3.2.3,  general  plans 

amendment  3. 

D.10 

481352 

Type  3.2.3,  joint  details 

SS-C-192 

May  20,  1946 

Cement:  portland 

D.ll 

481353 

Type  3.2.3,  panel  details 

SS-C-621 

Apr.  28,  1931 

Concrete  units: 

D.12 

481354 

Type  3.2.3,  truss  details 

masonry,  hollow, 

D.13 

481355 

Type  3.2.4a,  structural  details 

including  amend- 

D.14 

481356 

Type  3.2.4a,  structural  details 

ment  1. 

D.15 

481357 

Type  3.2.4b,  plans  and  details 

TT-P-40 

May  19,  1943 

Paint:  oil,  exterior, 

D.16 

481360 

Type  3.2.5,  plans  and  details 

ready -mixed  light 

D.17 

481358 

Type  3.2.6,  structural  details 

tints  and  white, 

D.18 

481359 

Type  3.2.6,  structural  details 

including  amend- 

D.19 

481361 

Type  3.2.7,  structural  details 

ment  2. 
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TT-P-86a  May  4,  1949  Paint:  red-lead 

base,  ready-mixed. 

D.2  CONCRETE  WORK 

D.2.1  General  Requirements 

Concrete  work  shall  be  in  accordance  with 
specification  No.  13Yc,  except  as  indicated  and 
except  as  specified  herein.  Portland  cement 
shall  be  type  I  in  accordance  with  specification 
No.  SS-C-192.  Ready-mixed  concrete  will  be 
permitted.  Concrete  poured  in  place  may  be 
compacted  by  means  of  approved  internal  vi¬ 
brators. 

D.2.2  Additional  Classes  of  Concrete 

Concrete  indicated  3000  psi  with  s/«-in.  maxi¬ 
mum  coarse  aggregate,  concrete  fill,  grout 
concrete,  and  precast  concrete,  designated 
herein  as  E-%,  E-%,  E-V4,  and  H-V4,  respec¬ 
tively,  shall  be  proportioned  in  accordance  with 
paragraph  3-01x  of  specification  No.  13Yc  and 
the  data  shown  in  Table  D.l. 

The  slump  for  precast  concrete,  H-Vi,  shall 
be  not  less  than  1 V*  in.  and  not  more  than  4%  in. 
The  coarse  aggregate  for  the  additional  classes 
of  concrete  shall  be  graded  so  that  the  percent¬ 
ages  by  weight  passing  standard  laboratory 
sieves  having  square  openings  will  be  as  shown 
in  Table  D.2. 

D.2.3  Precast  Concrete 

Wire  fabric  shall  conform  to  ASTM  specifi¬ 
cation  No.  A185-37,  except  that  the  wire  shall 
have  a  minimum  yield  point  of  70,000  psi.  Pre¬ 
cast  panels,  sections,  and  cells  shall  be  cast  in 
strong,  accurately  constructed  mortar-tight 
forms  or  in  concrete  molds.  The  concrete  shall 
be  vibrated  mechanically  when  placed.  Care 
shall  be  taken  to  produce  precast  material  with 
smooth  surfaces  of  dense  concrete  and  to  retain 
the  reinforcement  in  its  proper  position.  The 
precast  material  shall  be  water-cured  for  not 
less  than  3  days  and  shall  not  be  subjected  to 
load  for  7  days  after  the  concrete  is  placed. 
Castings  preferably  shall  be  removed  from 
concrete  molds  by  the  use  of  suction  lifting 
devices;  before  removal  from  mold  the  casting 
shall  have  attained  a  strength  of  not  less  than 
2000  psi.  Forms  may  be  removed  24  hr  after 


placing  the  concrete.  Members  of  structure 
shall  be  matchmarked  as  indicated.  Before 
starting  the  work,  the  contractor  shall  submit 
for  approval  the  proposed  method  and  proce¬ 
dure  for  casting,  handling,  and  shipping  pre¬ 
cast-concrete  framing  members. 

(a)  Dimensions  of  Precast-concrete  Members. 
Dimensions  shall  be  within  the  limits  shown  in 
Table  D.3. 

(b)  Cracks  in  Precast  Concrete.  Precast 
concrete  containing  hair  cracks  which  are  vis¬ 
ible  but  not  measurable  by  ordinary  means  may 
be  accepted.  Cracks  of  widths  measurable  by 
ordinary  means  may  be  cause  for  rejection  of 
precast  concrete,  depending  on  the  location  and 
magnitude  of  the  cracks. 

D.2.4  Concrete  Surfaces 

Exposed  exterior  and  interior  concrete 
finished  surfaces,  except  wearing  surfaces, 
shall  be  smooth  and  uniform  and  practically 
free  from  joint  marks,  fins,  depressions, 
bulges,  sand  streaks,  and  other  defects.  The 
concrete  shall  be  placed  so  that  the  forms  for 
exposed  surfaces  will  not  be  spattered,  using 
spouts  or  elephant  trunks,  with  the  lower  end  at 
the  approximate  level  of  the  fresh  concrete. 
Concrete  shall  be  compacted  by  means  of  ap¬ 
proved  internal  vibrators  as  required  by  speci¬ 
fication  No.  13Yc,  and,  in  addition,  the  forms 
for  exposed  concrete  surfaces  at  the  level  of  the 
concrete  being  placed  shall  be  vibrated  suffi¬ 
ciently  with  light  air  hammers  to  provide 
smooth  dense  concrete  but  not  to  produce  sand 
streaks.  Care  shall  be  exercised  not  to  loosen 
or  damage  the  forms. 

D.3  MASONRY 

D.3.1  General  Requirements 

Where  brick  or  concrete-block  wall  is  indi¬ 
cated,  wall  shall  be  constructed  of  brick  or  of 
concrete  units  of  the  following  types.  Brick 
shall  be  hard-burned  clay  or  shale  brick.  Con¬ 
crete  units  shall  be  type  I,  weight  b,  in  accord¬ 
ance  with  specification  No.  SS-C-621.  Mortar 
for  wall  construction  shall  be  mixed  in  the 
proportion  of  1  part  portland  cement,  1  part 
hydrated-lime  paste,  and  6  parts  clean  sharp 
sand;  the  mortar  shall  be  used  so  that  it  will  be 
in  place  before  the  initial  setting  of  the  cement 
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TABLE  D.2  AGGREGATE  SIEVE 
SPECIFICATIONS 


Sieve  Size 

Percentage  by  Weight 
Passing  Sieve 

Class  E-% 

1  in. 

100 

%  in. 

90-100 

*/»  in. 

20-55 

No.  4 

0-10 

No.  8 

0-5 

Class  E-% 

%  in. 

100 

%  in. 

85-100 

No.  4 

10-30 

No.  8 

0-10 

No.  16 

0-5 

Classes  E-%  and  H-% 

%  in. 

100 

No.  4 

85-100 

No.  8 

10-40 

No.  16 

0-10 

No.  50 

0-5 

TABLE 

D.3  PRECAST-CONCRETE 
TOLERANCES 

Item 

Length 

(in.) 

Width 

(in.) 

Thickness 

(in.) 

Panel 

±% 

±%. 

±%. 

Cell 

±% 

±% 

±v« 

neatly.  Where  bolts,  built  in  as  the  work  pro¬ 
gresses,  occur  within  the  cells  of  the  units  or 
between  the  joints,  such  cells  shall  be  filled 
with  concrete  or  with  cement  mortar.  Where 
concentrated  loads  occur  on  masonry,  the  voids 
in  the  units  shall  be  filled  solidly  with  masonry 
concrete  or  with  l-to-4  cement-sand  mortar. 
When  directed,  tops  of  exposed  walls  shall  be 
covered  with  watertight  material  while  work 
thereon  is  not  in  progress. 

D.4  STEELWORK 

D.4.1  General  Requirements 

Steelwork  includes  the  furnishing  and  install¬ 
ing  of  structural-steel  trusses,  doors,  shapes 
and  plates,  inserts,  and  all  fastenings  indicated 
or  necessary  for  securing  concrete,  steel,  and 
woodwork  in  place.  Wei  :ing,  inc.  ^Ing  the 
welding  of  reinforcing  steel  for  cone  ete  speci¬ 
fied  hereinbefore,  fabrication,  shop  painting, 
erection,  and  inspection  shall  be  in  accordance 
with  specification  No.  22Yb,  except  that  fabri¬ 
cation  of  bolted  work  shall  be  in  accordance 
with  good  practice  in  modern  structural  shops, 
that  zinc -coated  surfaces  shall  not  be  painted, 
and  that  fastenings  shall  be  painted  as  specified 
hereinafter.  Members  of  structures  shall  be 
matchmarked  as  indicated.  Welding  electrodes 
and  rods  shall  be  on  the  current  approved  list 
of  the  Department  of  the  Navy. 

D.4.2  Structural  Steel 

Structural  steel  shall  be  type  II,  grade  B,  in 
accordance  with  specification  No.  QQ-S-741, 
except  that  tolerances  in  rolling  and  cutting 
shall  conform  to  the  current  editions  of  the 
Manual  of  the  American  Iron  and  Steel  Institute. 


has  taken  place;  retempering  of  mortar  in  which 
cement  has  started  to  set  will  not  be  permitted. 

D.3.2  Workmanship 

All  beds  on  which  brick  or  concrete  units  are 
to  be  laid  shall  be  clean.  Brick  or  concrete 
units  shall  be  built  level,  plumb,  and  true;  bats 
shall  be  used  only  for  closures.  Brickwork 
shall  be  laid  in  common  bond  with  a  through 
header  course  at  every  sixth  course.  Joints 
shall  be  about  %  in.  thick;  joints  exposed  in  the 
interior  of  the  test  structure  shall  be  troweled 


D.4.3  Inserts 

Inserts  shall  be  structural  steel.  Threads 
shall  be  as  specified  hereinafter  for  bolts, 
shall  not  be  painted,  and  shall  be  coated  thor¬ 
oughly  with  an  approved  preservative  grease. 

D.4.4  Fastenings 

Bolts  and  nuts  shall  be  in  accordance  with 
specification  No.  43Blld  and,  except  bolts  and 
nuts  in  concrete,  shall  be  zinc -coated.  Bolts 
and  nuts  shall  be  unfinished  commercial  steel. 
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UNCLASSIFIED 


UNCLASSIFIED 


Anchor  bolts  and  other  bolts  where  indicated 
shall  have  hexagonal  nuts.  Threaded  rods  and 
through  bolts  shall  have  standard  threads  and 
nuts;  bolts  shall  have  square  heads,  unless 
otherwise  indicated.  Bolts  and  threaded  rods 
shall  be  of  lengths  such  that  not  more  than  one 
washer  will  be  necessary  under  each  head  or 
nut  to  provide  a  rigid  connection.  Threaded 
rods  and  eyebolts  shall  be  in  accordance  with 
the  applicable  requirements  of  specification 
No.  43Blld  for  uncoated  bolts  of  unfinished 
commercial  steel. 

Washers  shall  be  structural  steel  and,  ex¬ 
cept  washers  in  concrete,  shall  be  zinc-coated. 
Zinc  coating  shall  be  as  specified  for  bolts  and 
nuts. 

D.4.5  Pipe 

All  pipe  shall  be  of  zinc -coated  standard- 
weight  steel  pipe.  Pipe  sleeves  shall  be  pro¬ 
vided  for  anchor  bolts  and  where  indicated. 


D.5  WOODWORK 

D.5.1  General  Requirements 

All  woodwork  shall  be  protected  from  the 
weather  until  placed  in  the  building.  Lumber 
shall  be  well  seasoned.  Spiking,  nailing,  and 
bolting  shall  be  done  in  a  substantial  manner. 
Timbers  shall  be  drilled  accurately  for  bolting; 
suitable  washers  shall  be  provided;  and  all 
bolts  shall  be  drawn  up  tight.  Plates  shall  be 
lapped  at  splices  and  shall  be  bolted  through 
the  laps,  or  the  ends  shall  be  butted  and  bolted 
not  more  than  6  in.  from  the  ends.  Plates  shall 
be  bedded  solidly  in  l-to-3  cement  mortar  to 
form  a  level  and  continuous  bearing.  Roof 
joists  shall  be  of  uniform  widths;  they  shall 
have  full  bearing  on  plates.  The  spacing  of  roof 
joists  shall  not  exceed  those  indicated.  After 
joists  have  been  set  in  position  and  cross - 
bridged,  the  tops  shall  be  level.  Wood  chips, 
shims,  or  other  shrinkable  material  shall  not 
be  used  for  leveling  joists.  Sheathing  shall  be 
6  to  8  in.  wide,  tongued  and  grooved  or  straight- 
edged,  having  a  uniform  thickness  of  not  less 
than  «/«  in.;  it  shall  be  driven  up  close  and 
double-nailed  at  each  bearing.  Except  for 
tongue-and-gropve  ends,  joints  shall  occur  only 
pver  bearings-iand  shall  be  staggered. 


D.S.2  Grades 

Grades  shall  be  in  accordance  with  the 
grading  rules  of  the  association  applicable  for 
the  species  as  follows: 

Roof  joists,  plate,  and  blocking  under  and  at 
end  of  joists  shall  be  of  the  following  grade  and 
species. 


Grade  Species 


No.  2  dimension,  or  Any  species 

No.  2  small  timbers,  or  permitted  for 

No.  2  utility  timbers  and  sheathing 

heavy  joists 


No.  1  small  timbers  and  No.  1  utility  timbers 
and  heavy  joists  shall  be  medium  grain  and 
shall  have  a  slope  of  grain  not  exceeding  1  in  10. 

Sheathing,  cross-bracing  for  joists,  and  wood 
stops  for  concrete  shall  be  of  the  following 
grade  and  species. 


Grade  Species 


No.  2  common  Western  red  cedar 

Douglas  fir 
West  coast  hemlock 
Sitka  spruce 
White  fir  (W.C.L.A.) 
Port  Orford  cedar 

No.  3  common  Eastern  hemlock 

Southern  pine 
Eastern  spruce 
Redwood 
Cypress 

No.  4  common  White  pine 

Norway  pine 
Ponderosa  pine 
Larch 

Engel mann  spruce 
Lodgepole  pine 
White  fir  (W.P.A.) 

No.  2  construction  Aspen 

boards  Basswood 

Chestnut 
Cottonwood 
Magnolia 
Poplar  (yellow) 

Willow,  gum,  and  tupelo 
Buckeye 


ft 


c 


< 


» 


I 


Plywood  stops  for  open  ends  of  precast -con¬ 
crete  cells  shall  be  Douglas  fir  plywood,  grade 
B-B,  exterior. 

D.6  FIELD  PAINTING 

D.6.1  General  Requirements 

Paint  shall  be  applied  only  to  dry  and  thor¬ 
oughly  clean  surfaces  and  shall  be  worked 
thoroughly  into  all  joints,  crevices,  and  open 
spaces.  Colors  and  shades  of  colors  shall  be 
approved.  Finished  surfaces  shall  be  smooth, 
even,  and  free  of  defects.  Metal  surfaces  shall 
be  free  of  rust,  dirt,  loose  and  disintegrated 
paint,  grease,  and  scale  before  the  field  coats 
are  applied.  Where  shop  coats  have  been 
damaged,  the  exposed  metal  surfaces  shall  be 
retouched  with  red-lead  paint  in  accordance 
with  specification  No.  TT-P-86a.  Samples  of 
all  finishes  shall  be  submitted  for  approval. 

The  number  of  paint  coats  specified  shall  be  in 
addition  to  the  shop  priming  coats. 

D.6.2  Materials 

Materials  shall  be  in  accordance  with  the 
standard  specifications  listed  under  Sec.  D.1.3; 


those  not  covered  by^jch  standards  shall  con¬ 
form  to  the  requiren^its  given  hereinafter  and 
shall  be  of  approved  stands.  Paints  and  mate¬ 
rials  therefor  shall  tsj  delivered  in  unbroken 
original  packages  bei|ing  the  manufacturer  s 
name  and  brand  designation. 

D.6. 3  Lead-and-oil  (faint 

Except  for  zinc-coded  surfaces  and  anchor 
bolts,  priming  and  ore  finishing  coat  shall  be 
applied  to  all  exposed  exterior  and  interior 
wood  and  metal  surfaces.  Lead-and-oil  paint 
shall  be  type  n  in  accordance  with  specification 
No.  TT-P-40.  All  surfaces  or  fastenings  and 
structural  steel  that  *-e  accessible  for  painting 
after  erection  shall  to  given  one  coat  of  red- 
lead  paint  in  accordave  with  specification  No. 
TT-P-86a  before  bei$  made  inaccessible  or 
concealed  by  other  work.  Exposed  ends  of 
anchor  bolts  set  in  concrete  shall  be  coated 
with  red-lead  paint  alter  setting. 

D.7  DESIGN  DRAWINGS 

Figures  D.l  to  D.H  comprise  the  design 
drawings  for  the  test  structures. 
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